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ABSTRACT

Many of the existing reinforced concrete (RC) structures performed poorly during
recent earthquakes. Most of these structures were designed for gravity loads only with
inadequate lateral load resistance. Several of the construction details in existing gravity load
designed buildings do not conform to current code requirements for seismic design and may
lead to nonductile inelastic behaviour.

The objective of this research program is to investigate the use of steel systems for the
rehabilitation of existing nonductile RC buildings. The study is limited to low-and medium-
rise frame buildings. A beam-column element capable of representing the behaviour of
nonductile RC frame members is developed. The model is capable of representing the strength
decay of nonductile RC members and the effects of the axial force on the yield moment and
the deformation capacities of the member at peak strength. A procedure for evaluating the
damage to nonductile RC structures following an earthquake is developed. The damage
procedure depends on calculating the deterioration of the building stiffness and lateral load
carrying capacity due to the application of the earthquake loading. The building stiffness and
lateral load carrying capacity before and after the application of the earthquake loading were
determined by conducting a pushover analysis.

Two nonductile RC buildings, three- and nine-stories, representing low-and medium-
rise existing nonductile structures, were analyzed using various ground motion records. The

seismic behaviour of the nonductile buildings when rehabilitated using various structural steel
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systems was determined. The investigated steel systems include the addition of concentric
X-bracing, eccentric bracing and attached steel frames. The effectiveness of the various steel
systems in rehabilitating the three- and nine-story buildings were examined.

The effect of the distribution of the steel bracing along the height and along the bays
of the RC frames on the seismic performance of the rehabilitated building was studied. A
simplified approach was proposed for selecting the proper brace distribution. The seismic
performance of the nonductile three-story building when using well designed eccentric bracing
rehabilitation was compared with the performance of the building when using concentric
bracing. The relationship between the deformation capacity of the rehabilitated building and
the link deformation angle was evaluated. The distribution of the link strength along the
building height was investigated. The seismic performance of the rehabilitated nine-story

building was evaluated when using both flexible and stiff steel frames.
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CHAPTER 1

INTRODUCTION

1.1 OVERVIEW

Existing Reinforced Concrete (RC) buildings include some newly designed and
constructed structures according to modern seismic design provisions and many buildings
constructed before the advent of earthquake regulations using gravity load design procedures.
Several of the construction details in existing gravity load designed buildings do not conform
to current code requirements for seismic design and detailing. Many of these buildings did
not perform well during recent earthquakes due to the inadequate lateral load resistance and
the nonductile inelastic behaviour. Severe damage to nonductile RC buildings was observed
during earthquakes such as the 1985 Mexico City earthquake, the 1989 Loma-Prieta
earthquake, the 1994 Northridge earthquake and the 1995 Hanshin-Awaji (Kobe) earthquake.
It is now well recognized that existing nonductile RC buildings may pose serious risk to the
society in seismic regions and that the issue of seismic rehabilitation should be addressed.

Different rehabilitation systems have been used to upgrade the seismic performance
of existing RC structures. The two main approaches for structural rehabilitation of existing
structures are to add new structural elements such as steel bracing and shear walls or to
selectively strengthen the deficient structural elements of the building such as encasing the
columns using steel or RC jackets and jacketing of the beam-column joints. Strengthening of

the structural elements eliminates the brittle failure modes of these elements and therefore
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enhances the overall ductility of the rehabilitated structure.

In the current study, rehabilitation of the nonductile RC buildings by adding new steel
systems to the exterior frames is addressed. Steel systems were used in Mexico city, Japan
and other places for rehabilitating of nonductile RC buildings (Canales and Briseno de la
Vega, 1992; Mitchell and Dandurand, 1988; Kawamata and Masaki, 1980; Nateghi and
Shahbazian, 1992). The steel systems that can be used to rehabilitate RC buildings include
diagonal steel bracing inserted in the RC frame openings, attached steel frames or trusses and

steel plate shear walls.

1.2 NONDUCTILE RC BUILDINGS
Several of the construction details in gravity load designed RC buildings may result

in nonductile behaviour. Deficient reinforcement details that were in common use are shown

in figure 1.1 (Ghobarah, 1998) and can be summarized as follows:

1 Column lap splices are located at potential plastic hinge regions with only 20 bar
diameter lap length which may result in decreased strength and ductility as a resuli of
bond failure. A common practice for rectangular column design involved the use of
9.5 mm grade 300 MPa ties spaced 304.8 mm (# 3 grade 40 ties @ 12") as the typical
transverse reinforcement regardless of the column section dimensions. The transverse
reinforcement provides inadequate confinement and clamping action to the lap splice
to prevent splitting . The anchorage of the lapped bars may degrade rapidly due to
the splitting action under reversing cyclic loads.

2 The bottom beam reinforcement has insufficient anchorage length embedded in the
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beam-column joint. Typically at least 1/4 of the positive reinforcement is embedded
150 mm into the joint. Under the effect of gravity loads only, the beam ends will be
subjected to negative moments (beam top reinforcement is in tension). Lateral seismic
forces will cause positive beam end moments and may lead to pullout of the beam
bottom reinforcement from the joint .

3 Beam-column joints may have been designed with little or no transverse reinforcement
which may lead to inadequate joint shear capacity. Gravity loads in the RC frame
buildings produce low levels of shear forces on the beam-column joints, however
under the effect of seismic loading much higher shear demands are introduced into the
joints which may cause joint failure.

In addition to the previously mentioned deficient reinforcement details, gravity load designed

buildings may have columns with moment capacities insufficient to develop a desirable strong

column-weak beam plastic mechanism. This will lead to the development of plastic hinges

in the columns with the possibility of forming a soft story plastic mechanism.

1.3 REHABILITATION OF RC BUILDINGS USING STEEL SYSTEMS

The steel system rehabilitation technique was first used in Japan (Badoux, 1987). In
some cases, the steel systems were used to upgrade the seismic capacity of existing structures,
while in other cases they were part of the repair process of buildings damaged in an
earthquake. The steel systems used in rehabilitating RC buildings include; a) steel bracing
inserted in the frame openings as shown in figure 1.2 (Mitchell and Dandurand, 1988); b) steel

trusses or frames attached to the building exterior as shown in figures 1.3 and 1.4; c) steel
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plate shear walls (Yamamoto and Aoyama, 1987); and d) the addition of prestressed steel
cables (Miranda, 1991).

In the current study, only the use of steel bracing inserted in the frame openings and
steel frames attached to the building exterior frames for rehabilitating RC buildings is
investigated. Examples of brace pattermns which are used in rehabilitating RC buildings include
X-bracing, V-bracing and inverted V-bracing. Architecturally, the steel bracing allows for
the construction of door and window openings within the braced bays.

Steel trusses, braced steel frames and moment resisting steel frames have been used
to strengthen RC buildings in Mexico city following the 1985 Mexico earthquake (Canales
and Briseno de la Vega, 1992; Mitchell and Dandurand, 1988). The original RC frame and
the attached steel system represent a dual system. The stiffness and strength characteristics
of both the RC frame and the attached steel system play an important role in determining the
overall performance of the rehabilitated frame.

The connections between the steel system and the RC frame are important since they
are required to transfer the loads between the two lateral load resisting systems. Connections
have been developed (figure 1.5) to join the steel elements to the existing RC frames
(Kawamata and Masaki, 1980; Sugano, 1989; Canales and Briseno de la Vega, 1992). These
connections may use adhesive anchors (bolts anchored in drilled holes in the concrete using
adhesive resins) or mechanical anchors. Figure 1.6 shows the details of a connection between
RC frame and steel bracing members inserted in the frame opening (Maheri and Sahebi,
1995). Figure 1.7 (Mitchell and Dandurand, 1987) shows the details of a connection between

RC frame and an external truss system. In this connection, the diagonal steel members were
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welded to a 12 mm thick steel plate. The steel plate was connected to the RC members using
grouted anchors. Figure 1.8 shows the connection of a steel X-bracing system inserted in the
openings of RC frame (Nateghi, 1994). In this connection, the bracing members are welded
to a 10 mm gusset plate. The gusset plate is welded to 10 mm steel plates surrounding the
RC column.

The connection details shown in figures 1.2 and 1.6 attempt to reduce the eccentricity
effects. Tests conducted by Goel and Masri (1994) and Maheri and Sahebi (1995) indicated
the possibility of transferring the brace loading to the comer of the RC frames without
producing local damage in the concrete members.

Rehabilitation of RC buildings using steel systems offers some advantages which
include the possibility of accommodating openings. The weight of the steel system is
relatively small by comparison with the case of using RC shear walls. In case of an external
steel system, most of the construction work can be performed on the exterior of the building
and therefore disruption during construction is minimized. The main disadvantage of the
steel system is its initial and continued maintenance cost. In some countries, steel is imported
as compared with locally available concrete materials. Skilled labour is needed to connect the
steel systems to the existing RC structure. Following the construction of the steel system,
continuous maintenance is needed especially for the external members exposed to the

weather.



1.4 EXPERIMENTAL RESEARCH

Much of the experimental research on seismic rehabilitation of RC frames using steel
systems has been conducted in Japan. Most of these experimental studies have been carried
out on a reduced scale, one bay, single story frames using various rehabilitation techniques.
Sugano (1989) reported that in general, steel systems significantly improved the strength and
the stiffness of the tested RC portal frames (figure 1.9). The diagonal X-bracing systems
exhibits higher strength than other steel bracing configurations. Yamamoto and Umemura
(1992) developed a steel rehabilitation system shown in figure 1.10 that consist of steel braces
with peripheral steel frame. The steel braces are welded to the peripheral steel frame which
is attached to the existing RC frame through mortar fill. Stud bolts are welded along the steel
frame and adhesive anchors are installed along the existing RC frame before filling mortar.
This steel system was capable of improving both the strength and the ductility of the existing
RC frame. However, it should be noted that the construction is much more complicated than
in the case of using diagonal steel braces connected only to the corners of the RC frame.

Jones (1985) conducted an experimental study in which a RC frame model was
rehabilitated using a steel truss system and was subjected to cyclic lateral loading. The steel
system was connected to the RC members using epoxy grouted dowels. The study showed
that the lateral strength of the braced frame reached about six times the determined strength
of the original RC frame. The diagonal steel members experienced buckling in compression
and yielding in tension. However, a connection weld failed during the test.

Goel and Lee (1990) conducted a cyclic load test on a two-thirds scale model of RC

frame rehabilitated using inverted V-bracing. Horizontal and vertical steel members
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(collectors) were added along the RC beams and columns. The rehabilitated frame showed
significant improvement in strength and stiffness.

Goel and Masri (1994) conducted an experimental study on seismic strengthening of
a two-bay, two-story RC slab-column frames using steel bracing. Inverted V-bracing
members were inserted into the RC frame openings. The bracing members were tube sections
with clear width-thickness ratio of 14 and an effective slenderness ratio of 61. Vertical steel
collectors were provided to the RC frame by means of four steel angles wrapped to each of
the RC columns and tied together using batten plates. Because the model frame had no
beams, the RC slabs were strengthened using horizontal steel collectors to provide beam
action. The test result indicated that the rehabilitation technique provides a significant
increase in stiffness and strength to the RC frame with stable hysteretic response. Buckling
and yielding of the steel bracing members were observed during the test.

Maheri and Sahebi (1995) investigated the use of X-steel bracing in RC framed
structures. Experimental investigation was conducted on a number of single-bay, one-story
model frames. Each of the diagonal braces consisted of two equal angles. At the connection
between the bracing member and the RC frame, the bracing member was welded to a gusset
plate which itself was welded to steel angles pre-casted at the comer of the frame. No steel
collectors were provided to the concrete members of the frame. The test results indicate a
considerable increase in the in-plane strength of the frame due to steel bracing. Mabheri and
Sahebi concluded that with proper connection between the brace and the RC frame, the steel
bracing could be a viable alternative or supplement to shear walls in concrete framed buildings

in seismic areas.
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Steel bracing incorporating energy dissipating devices was used for rehabilitating
existing RC structures. This system have shown to be capable of providing structures with
considerable added damping to reduce deformation due to earthquake loading (Su and
Hanson, 1990).

Reported experimental research on the use of steel systems as a rehabilitation
technique for RC frames has focused on using concentric steel bracing. Although concentric
bracing provides the RC frame with the required strength' and stiffness, it exhibits rapid
stiffness and strength deteriorations due to repeated buckling of the brace members. In
eccentrically braced frames, forces are transferred to the brace members through bending and
shear forces developed in steel links. The applicability of using eccentric bracing, inserted in

the RC frame openings, for rehabilitating nonductile RC buildings needs to be investigated.

1.5 ANALYTICAL RESEARCH

Badoux (1987) presented an analytical study on a simple structural subassemblage
simulating an interior column of a laterally loaded braced frame. The subassemblage response
was studied under the effect of a static cyclic loading. In this study, RC members were
modeled using a simplified one component flexural model. The interaction between the axial
force and bending moment was neglected. The study showed that the inelastic buckling of
the braces detrimentally influences the cyclic behaviour of the braced frame.

Miranda (1991) conducted an analytical study on the seismic performance of a three-
story RC building rehabilitated using pre-tensioned steel rods. The interaction between axial

forces and moments of the frame columns was neglected. The study showed that the pre-
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tensioned steel rods provided the building with adequate strength and stiffness that kept the
building in the elastic range when subjected to seismic loads.

Pincheira and Jirsa (1995) studied the seismic performance of nonductile RC frames.
The frames were rehabilitated using pre-tensioned steel rods and X-steel bracing. The study
showed that the steel brace significantly improved the seismic performance of the RC frames.
The RC frame members were modeled using a one component model with two nonlinear
springs attached at the element ends. The nonductile behaviour resulting from reinforcement
pull out was taken into consideration by producing a negative slope in the constitutive
moment-rotation relationships of the nonlinear springs. The study neglected the interaction
between the moments and the axial forces and the P-A effect. Pincheira and Jirsa (1995)
concluded that steel bracing significantly enhanced the seismic performance of the
rehabilitated buildings.

Bouadi et al.(1994) studied the seismic behaviour of RC buildings with short columns
and deep beams rehabilitated using eccentrically braced steel frames. The rehabilitation steel
system was attached to the building exterior. The results indicated that the steel system
resulted in reduced deformation and increased stiffness and strength. The study did not
address the comparative behaviour of the eccentrically and concentrically braced steel frames

rehabilitation systems.

1.6 MOTIVATION
The number of reported analytical studies to investigate the seismic performance of

nonductile RC frames rehabilitated using steel systems is small. The applicability of using
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eccentric bracing inserted in the frame openings as a rehabilitation scheme for nonductile RC
buildings needs to be investigated. The models used for representing the behaviour of RC
members may not reflect the actual nonductile behaviour observed in existing structures. In
addition, the used models were not verified experimentally. Important factors that are known
to influence the behaviour were neglected in the analysis such as the P-A effect and the
interaction of the axial force with both moment and deformation capacities of the RC
members. Seismic damage evaluation of the rehabilitated RC buildings in terms of damage
indices needs to be addressed as it provides means by which different rehabilitation options
may be compared.

Experimental studies on nonductile RC members with deficient details have been
conducted by Pessiki et al. (1990), Aycardi et al. (1992), Lynn et al. (1994), Aboutaha and
Jirsa (1996) and Ghobarah et al. (1997). The results of these studies demonstrated the need
for new modelling approaches that are capable of representing the strength, ultimate

deformation capacities, and the softening behaviour of nonductile RC members.

1.7 OBJECTIVE

The objective of this research program is to develop the tools for the analysis of the
seismic performance of existing nonductile RC buildings rehabilitated using steel systems.
The study is limited to low-and medium-rise frame buildings. The behaviour of different
structures strengthened using various rehabilitation schemes is evaluated. The rehabilitation
schemes considered are limited to concentric X-steel bracing, eccentric steel bracing and

attached steel frames.
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1.8 SCOPE

To achieve the study objective, development is needed in modelling the nonductile

behaviour of existing RC buildings and evaluating the seismic damage in terms of damage

indices. The seismic behaviour of the nonductile buildings rehabilitated using various steel

systems was determined. The research program included the following six phases.

1

A beam-column element capable of representing the behaviour characteristics of
nonductile RC frame members is developed. The model is capable of representing the
strength softening of nonductile RC members and the effects of the axial force on the
yield moment and the deformation capacities of the member at peak strength.

A procedure for evaluating the seismic damage of nonductile RC structures is
developed.

Examples of the analysis applicability to two RC buildings, three and nine-stories,
representing existing low-and medium-rise nonductile structures, are carried out. The
seismic response of the buildings is evaluated in terms of deformations and damage
indices using ground motion records which cover a wide range of duration and
frequency contents. A simplified approach for evaluating the seismic performance
of nonductile RC frame structures is proposed.

The seismic performance of the nonductile three-story RC building is evaluated when
rehabilitated using concentric X-bracing. The effect of the brace distribution along
the height and along the frame bays including the P-A effect is investigated.

The use of eccentric bracing as a rehabilitation scheme for the nonductile three- story

RC building is evaluated.
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6 The developed analytical models are applied to the case of a nonductile nine-story RC

building rehabilitated using steel systems.

1.9 THESIS ORGANIZATION

The reminder of the thesis is organized in seven chapters. Chapter 2 includes the
development of the analytical model for predicting the seismic performance of nonductile
buildings. A proposed damage evaluation approach is presented in Chapter 3. Chapter 4
deals with the seismic performance evaluation of the three and nine story nonductile buildings.
A simplified seismic performance evaluation approach was also presented in Chapter 4. The
seismic performance of the three-story building when rehabilitated using concentric X-bracing
is introduced in Chapter 5. Chapter 6 contains an evaluation of the seismic performance of
the three-story building when rehabilitated using eccentric bracing inserted in the frame
openings. The seismic performance of the nonductile nine-story building when rehabilitated
using steel bracing and attached steel frames is investigated in Chapter 7. Chapter 8

summarizes the findings, conclusions and recommendations of the research.
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Figure 1.5 Details of a connection between RC frame and a steel frame
(Canales and Briseno de la Vega, 1992)
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(a) The anchors are fixed (b) The anchors are fixed in the
in the RC member by RC member by means of wedging
bearing on a steel plate action or adhesive resins

Figure 1.6 Details of a connection between a reinforced concrete frame and steel bracing
members (Maheri and Sahebi, 1995)

12 mm thick
plate

Figure 1.7 Details of a connection between RC frame and an external truss system.
(Mitchell and Dandurand, 1987)
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CHAPTER 2

MODELLING OF NONDUCTILE REINFORCED CONCRETE FRAMES

2.1 INTRODUCTION
To rehabilitate nonductile reinforced concrete (RC) frame buildings, it is necessary to

establish the behaviour of these structures under seismic loading. Such behaviour is complex
because of the different possible modes of failure due to the various design and reinforcement
detailing deficiencies in the frame members. Modelling of the RC members in nonductile
frames should consider the effects of deficient reinforcement details on the behaviour of these
members. The main aspects to consider in component modelling are:

. Anchorage failure of the column lap-splice or beam bottom reinforcement may
decrease the moment capacities of these regions below the reinforcement yield levels.
The early anchorage failure will reduce the shear demand and the possibility of shear
failure of the joint. For simplicity the joint shear model is not included in this study.
Detailed discussion of joint behaviour is presented in section 2.6.

. The deformation capacities of the frame members at peak resistance are dependent on
the mode of failure of the frame members. Deformation capacities of members can
be estimated based on experimental data.

. Strength softening or strength decay ( Otani, 1980) is used to define the reduction in
the component strength capacity under cyclic loading after reaching the ultimate

strength limit. It results from typical deterioration modes such as pullout of steel

20
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reinforcement or concrete splitting, buckling of steel in compression and shear failure
in the plastic hinge regions. These deterioration modes often happen as a result of
lack of confinement by lateral reinforcement or due to insufficient development length
of steel reinforcement. Modelling of softening behaviour of nonductile members is
needed in order to take into account the effect of the post peak strength behaviour of
one or more members on the behaviour of the frame as a whole. It is also important
in the assessment of the vulnerability of the frame to collapse by predicting its

performance to failure.

Phenomenological global models offer an attractive alternative to micro modelling
both in the ease of computation and in the flexibility of modelling. It is possible to calibrate
the model to represent a behaviour pattern established by test data. The ability of a global
model to capture the overall behaviour pattern makes it suitable for modelling of reinforced
concrete structures. Takeda et al.(1970), Roufaiel and Meyer (1987) and Park et al. (1987)
developed phenomenological global models of RC members that are suitable for members
designed according to current seismic codes and are expected to exhibit ductile behaviour.
However, softening of nonductile members after reaching a specified ultimate capacity with
an associated level of deformation can not be represented by these models. This is because
these models do not distinguish between the behaviour of the RC members in the pre-peak
and post-peak strength ranges of deformation. In addition, the calculations of the moment
and the deformation capacities of the members using these models are based on flexural

behaviour which may not be the case in nonductile members. Miramontes et al. (1996)
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developed a phenomenological beam model that produce a quick deterioration in behaviour
after reaching an ultimate point to allow for the member to lose its strength. For nonductile
components the degree of softening may not be rapid and will differ depending on the mode
of failure. For this reason, there is a need for simple and reliable strength softening model that
is capable of predicting different modes of failure of nonductile members.

In this chapter, a beam-column element capable of representing the behaviour of
nonductile members is developed. The element models the strength softening (decay)

behaviour of these members past the ultimate capacity and up to the collapse of the structure.

2.2 THE BEAM-COLUMN ELEMENT

In the development of the beam-column element and in modelling of the concrete
building, the reinforced concrete floors are assumed as rigid diaphragms in their own plane
with out-of-plane flexibility. Accordingly, the building is considered as a series of planar
frames connected at each floor level by the rigid diaphragms. The response of the planar
frames is evaluated using two-dimensional analysis. The frame members are assumed to have
sufficient shear capacity such that shear failure of the frame members before reaching flexural
yielding is excluded. For a wide range of existing structures, column shear strength capacity
is found to be adequate for the earthquake demands (Pessiki et al., 1990; Bracci et al., 1992
and Aycardi et al., 1992).

For well designed ductile RC members subjected to seismic loads, softening occurs
at a late stage of the loading routiiic with rapid rate as a result of the previously accumulated

damage. On the other hand, in nonductile members, softening occurs early and affects most
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of the member response history due to a deterioration mode. There are several hysteretic
global models of RC frame members which provide both stiffness and strength deteriorations.
These models provide for the drop in strength (strength deterioration) when cycling to the
same displacement level. However, at higher deformation levels, the original inelastic
moment-curvature envelope will be eventually resumed without a defined ultimate strength
limit.

An inelastic single component element was developed to model beams and columns
of RC frames. The essential characteristics of the hysteretic behaviour of nonductile RC
members including stiffness degradation, pinching and softening, are explicitly taken into
account. The element is implemented in the general-purpose program DRAIN-2DX (Prakash
and Powell, 1993). In the hysteretic moment-curvature relationship of the element, the
ultimate moment and the corresponding curvature are specified and the softening behaviour
of the member in the post-peak strength range is represented using a strength softening
parameter. It is assumed that the specified curvature at peak moment is independent of the
cyclic history experienced in the pre-ultimate strength zone. This assumption is especially
realistic for nonductile members, where the deformation at peak strength is relatively small
and the hardening branch occupies a small portion of the member response. It is expected
that the effect of cyclic damage in the pre-ultimate strength zone on the deformation at peak
strength will be small and can be neglected. The following subsections contain detailed

description of both the hysteretic and the flexibility models used in the element.
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2.2.1 Hysteretic Modelling of the Moment-Curvature Relationship

A phenomenological hysteretic model was developed in which a non-symmetric
bilinear curve is utilized in conjunction with four control parameters to produce the effects
of stiffness degradation, pinching, strength deterioration and softening after reaching an
ultimate strength point. The consideration of a bilinear envelope (based on neglecting the
concrete tensile strength) instead of a trilinear one (based on concrete cracking and steel
yielding) is realistic in the case of existing nonductile RC buildings. The reason is that over
the years these buildings may have been subjected to high dead loads, live loads, wind loads,
and possibly to minor earthquakes. The initial flexural stiffness of a cross section in this type
of buildings is expected to be closer to the damaged or cracked stiffness based on neglecting
the concrete tensile strength. For RC sections subjected to early bond failure before the steel
reaches its yield stress, the elastic stiffness is reduced using a reduction factor suggested by
Kang-Ning Li (1992) to account for the bond slip deformation.

The proposed hysteretic rules for the moment-curvature relationship at the ends of an
RC member are shown in figure 2.1. The stiffness degradation is introduced by setting a
common point on the initial envelope curve, and assuming that the unloading lines aim at this
point until they reach the horizontal axis as shown in figure 2.1a. The parameter "y" that
specifies the degree of stiffness degradation is the same as the stiffness degradation parameter
proposed by Park et al. (1987). A typical value of y ranges from 1.0 to 10.0, where a value
of 1.0 gives high stiffness degradation and a value of 10.0 gives negligible stiffness
degradation.

The pinching effect is introduced in the loops as shown in figure 2.1b by the control
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parameter a proposed by Chung et al. (1987). The reloading branch is subdivided into two
segments. The first segment aims at the crack closing point (¢, , M,) and the second segment
starts from (¢,, M,) and aims at (¢, M,). The parameter a governs the position of the crack
closing point. The value of @ may vary between 0.0 which leads to high pinching and 1.0
which signifies no pinching effect.

The strength deterioration is introduced in the loops by specifying the point at which
the reloading branch is aiming. This point is different from the point at which unloading
started in the previous cycle. A control parameter B governs the strength deterioration (Park

et al., 1987). Figure 2.1c and the following equation describe the procedure:

$.= ¢, + -A,f @1

where AE is the incremental dissipated energy and ¢,’ is the curvature of the new targeted
point. Introducing this parameter results in a reduced strength at the maximum attained
deformation level ¢,. However, with increasing the deformation beyond ¢, , the strength
increases until reaching the original moment-curvature envelope at point (¢,", M,"). A typical
value of P ranges between 0.0 and 0.2, where a value of 0.0 signifies no strength
deterioration.

It is proposed to include the softening behaviour in the post-peak strength range as

in the model illustrated by figure 2.1d by using an additional softening parameter 1 such that:

M,= M, (1- 13) 22)

where M, is the ultimate moment, M, is the reduced moment capacity, while A is a ductility
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factor defined as:
A== (2.3)

where ¢, is the curvature at maximum moment, ¢, is the maximum curvature reached ( |},|
> |, ) and ¢, is the curvature at yield. The value of n ranges from 0.0 to 0.5, where a value
of 0.5 signifies rapid strength softening after the ultimate point, and 0.0 signifies no softening.
A residual moment M, can also be specified if desired. This means that the bending moment
capacity will not be less than M,. The strength softening hysteretic relationship shown in
figure 2.1d is introduced in the DRAIN-2DX program in the form of a series of horizontal M,
branches and vertical (NAM, ) drops which eliminates the problem of negative stiffness.
During earthquakes, reinforced concrete members are expected to experience
substantial variations in axial forces. A tensile axial force tends to reduce the member flexural
capacity. On the other hand, a compressive force up to balanced condition tends to increase
the flexural capacity of the reinforced concrete member. Continuous variation in the level of
the axial force in a member will affect its yield level due to the interaction between the applied
moment and the axial force. An idealized axial force-moment interaction diagram is used in
the development of the element in order to update the yield moments until yielding is reached
in both directions of the hysteretic curve. The interaction diagram is similar to the one used
for the RC beam-column model of the DRAIN-2DX program (Prakash and Powell, 1993).
The effect of the axial load on ductility is taken into account. Figure 2.2 shows the
interaction between the axial force and the curvature corresponding to a specified maximum

concrete strain for a typical reinforced concrete section. The analysis of the cross section was
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performed using a fibre approach, in which the concrete area is divided into a small number
of fibres and the steel areas are identified separately. Material laws were used to describe the
concrete and steel stress-strain relationships. The figure shows that the ductility of the RC
member decreases when it is subjected to an increasing compressive axial force. In the current
study, the effect of the axial force on the deformation capacity of the RC member at peak
strength is taken into account using an interaction diagram between the instantaneous axial
force (gravity loads plus dynamic effects) and the curvature at peak strength. Linear variation
between the curvature at peak strength and axial load has been assumed as shown in figure
2.2. The curvature at peak strength at the axial load of the balanced section is considered
equal to the curvature at yield. The curvatures at peak strength corresponding to zero axial

load and half of the axial load of the balanced cross section are specified in the input data.

2.2.2 Flexibility Model

The inelastic deformation of reinforced concrete frame members subjected to lateral
loads is considered to be concentrated at the member ends. Different approaches can be used
to generate the total stiffness matrix of the frame member from the known stiffness at the
member ends. A concentrated plastic hinge approach was adopted in the current study. In
this approach, the RC members are modelled using two inelastic rotational springs attached
to the ends of a linear elastic element. The properties of the rotational springs can be
calculated from the previously defined moment-curvature relationships at the member end
sections. The basic assumption in this approach is that the RC member is bent in double

curvature with the contraflexure point at the middle of the member. The initial elastic stiffness
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of the rotational spring is assumed to be a large number since the elastic deformation of the
member is accounted for in the linear elastic element. The inelastic stiffness of the rotational
spring can be calculated by equating the deflection at the contraflexure points of the actual
and the idealized members. The deflection of the actual member at the contraflexure point
can be calculated by integrating the curvature twice along the member length as:

2 2
g ML M, ML 2M M, 2.4)
2 El 3M2 2EP 3M, 3M?

where 8* is the deflection at the contraflexure point of the actual member, M is the maximum
moment at the end of the member ([M] > [M,)), EI and EIP are the elastic and inelastic slopes
of the (M-0) diagram and L is the member length. The deflection at the contraflexure point
of the idealized member (8') can be calculated as:

6i=ML2+(M‘My)L

3 EI S,

(2.5)

The inelastic stiffness of the rotational spring (S,) can be calculated from equations 2.4 and

2.5 as follows:

- p -1 -
Sp— , p =

M
L _os] M, (2.6)
6 p?

1 1 o]
Ll— - —1[ 2
e =I5

The parameter p is calculated by considering M=M,. The hysteretic rules which govern the

moment-rotation curve are the same as those applied to the moment-curvature relationship.
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The curvature at maximum moment ¢, is transformed into rotation at maximum moment (0,)

using the following formula:

0, S Q.7

Substituting S, from equation 2.6 into equation 2.7, then:

1 _ 1 EIP 1
[ 102G -DE) - - 1],
EIP EI Bl . 1;1:’ o - DY

=MyL

eu
6

_ 9.
X = 9, (2.8)

The beam-column element has six global degrees of freedom which can be
transformed into four local flexural degrees of freedom. It also has two additional rotational
degrees of freedom of the two springs, but these additional rotations are condensed out at the
element level, and do not appear as structure degrees of freedom. The member flexural

flexibility matrix in local coordinate can be written as:

1
fiv= £

F - ! 2.9)

£ fzz*'sl"
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where, S, and S, are the stiffniess of the rotational springs and f,,, £, fi,, f;, are the flexibility
coefficients of the linear elastic element. The flexibility matrix can be inverted to form the

member stiffness matrix in local coordinates.
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2.3 COLUMN END WITH A LAP SPLICE
The behaviour of the column ends with lap splices can be classified into two
categories. In the first category, the anchorage capacity between the steel bars and the
concrete is not sufficient to develop bar yielding while in the second category the anchorage
capacity is sufficient to develop bar yielding. The determination of the moment and
deformation capacities as well as the model parameters in the two cases will be discussed

separately.

2.3.1 Anchorage failure before bar yielding

In this case, an early splitting bond failure between steel bars and concrete is expected
to develop before the steel reaches its yield stress. The tensile splitting cracks develop parallel
to the axis of the bars due to the radial component of the lug-bearing forces causing
premature splitting bond failure. The moment capacity of the section can be caiculated using
the steel stress at the onset of the anchorage failure. The deformation capacity at peak
strength can be estimated to correspond to the curvature of the cross section at the onset of
the anchorage failure. This means that no plastic slip is assumed to develop after the onset
of the splitting cracks. The equation proposed by Priestley and Seible (1991) can be used to

determine the maximum stress that may develop in the steel bar prior to anchorage failure:

2F 1, (s+ 4d, + 4
¢ - 24 s(s*dzb D g o032 (2.10)
T Gy

where £ is the tensile strength of concrete in MPa, s is the bar spacing, d, is the bar diameter,
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I, is the lap splice length, c is the cover depth and f_ is the concrete compressive strength in
MPa.
The proposed model parameters applicable to this case are shown in table 2.1. The
model prediction is compared with the experimental results of a column specimen FC1
(Aboutaha and Jirsa, 1996), as shown in figure 2.3. The dimensions, reinforcement details and

material strengths of this column are listed in table 2.2.

2.3.2 Bar yielding before anchorage failure

When the anchorage capacity is sufficient to develop bar yielding, the deformation
capacity at peak strength of the column ends with lap splices will be limited by the strain at
which the concrete cover begins to spall. This is true if the splice region has insufficient
transverse reinforcement to provide clamping action to the lap splice to prevent splitting
which is the case in gravity load designed RC buildings. A common past practice for
rectangular column design involved the use of grade 40 (300 MPa), 9.5 mm (#3) ties at 304.8
mm (12") spacing as typical transverse reinforcement. These ties are often anchored by 90°
hooks. As a result, the transverse reinforcement provides inadequate confinement to the lap
splice to prevent splitting. The anchorage of the lapped bars will degrade once the concrete
cover is damaged under seismic load. The capacity of the concrete cover can be measured
in terms of the concrete strain at the extreme compression fibre of the member ends. The
maximum strain of the unconfined concrete is in the range of 0.003 to 0.008 depending on
the properties of the concrete. In the current study, a maximum concrete strain of 0.0035

is adopted as a limit to the deformation capacity at peak strength of the spliced ends. The
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model parameters proposed in this case are shown in table 2.1. The analytical behaviour was
compared with the results of experimental studies conducted by Ghobarah et al., (1997),
Aycardi et al. (1992) and Lynn et al. (1994), as shown in figures 2.4 to 2.6. The dimensions,

reinforcement details and material strengths of these columns are listed in table 2.2.

2.4 COLUMN END WITH CONTINUOUS STEEL

The behaviour of the column end with continuous reinforcement is expected to be
more ductile than the behaviour of column end with a lap splice. However, the deformation
capacity at peak strength and the rate of strength softening at these ends will depend on the
mode of failure. Possible failure modes are shear failure in the plastic hinge region due to
concrete damage or buckling of the longitudinal reinforcement because of the wide spacing
between the ties. The type of failure depends on the column dimensions and the longitudinal
steel ratio. Shear failure was excluded in the current study.

Tests conducted on columns with continuous reinforcement (Aycardi et al., 1992; and
Lynn et al., 1994) are shown in figures 2.7 and 2.8. The dimensions, reinforcement details
and material strengths of these columns are listed in table 2.2. The parameters proposed for
this case are shown in table 2.1. Deformation capacities at peak strength corresponding to
concrete strain of 0.006 were found to be in good agreement with the experimental results.
The concrete strain at peak strength in case of column ends with continuous reinforcement
is higher than that of column ends with lap splices due to the absence of the anchorage failure

of the column bars.
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2.5 BEAM BEHAVIOUR

The behaviour of beams in a nonductile RC frame is affected by the insufficient
development length of the bottom longitudinal steel. The mode of failure that characterizes
bond failure of the beam bottom reinforcement is different from that of the column lap splice.
The beam bottom reinforcement is anchored in the beam-column joint where a large mass of
concrete surrounds the reinforcement. The bond failure often occurs by bar pullout due to
shearing off of the concrete keys between the lugs ( Eligehausen et al., 1983). The anchorage

capacity of a steel bar can be estimated in terms of average bond stress along the embedment

length (L) given as:

f, = ——— (2.11)

where, u, is the average bond stress at peak resistance, f , is the steel stress at anchorage
failure, d, is the bar diameter, and A, is the bar cross section area. The ultimate bond stress
for embedded bars in well confined concrete is taken as u,=1.8Vf,’ (MPa) (Robins and

Standish, 1984).

The bond slip is often initiated once the cross section at the beam-column interface
is cracked in positive bending. Before cracking of this section, the concrete will carry most
of the tensile stress and the stress in the bars will be low. Once the concrete cracks at the
interface, the tensile force will be redistributed to the bars. Figure 2.9 shows the effect of
pullout of bottom beam reinforcement on the moment-rotation relationship. The moment M,

is the cracking moment in positive bending, 0, is the corresponding rotation. The ultimate
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moment capacity of the beam in positive bending M,, is calculated using the steel stress at
anchorage failure. The corresponding rotation at uitimate capacity of the beam end in
positive bending is 0,. The value of 6, is calculated using the local bond-slip model proposed
by Eligehausen et al. (1983), shown in figure 2.10, as well as the bond stress distribution
model proposed by Alsiwat and Saatcioglu (1992). It is assumed that the bond stress
distribution is uniform and equal to u, along the embedment length of the bar at bond failure.
The bar slip at peak resistance can be calculated by summing the slip 8,, shown in figure 2.10
and the extension in the steel bar assuming linear variation of steel strain along the embedment
length of the steel bar. The associated rotation 0, is calculated by dividing the slip at peak
resistance over the distance between the bottom bars and the neutral axis of the beam cross
section. The position of the neutral axis can be calculated from equilibrium of forces at the
cross section. The deformation capacity at peak strength of the beam in negative bending is
assumed to correspond to a concrete strain of 0.0035. The model parameters proposed for
beams in nonductile reinforced concrete frames are shown in table 2.1. The analytical
prediction was compared with the results of an experimental study of beam-column
subassembly conducted by Biddah et al. (1997). The analytical prediction was found in good

agreement with the experimental results, as shown in figure 2.11.

2.6 BEAM-COLUMN JOINTS
Seismic loads on reinforced concrete frames produce high shear forces in the beam-
column joints. In some cases, the joint shear capacity may be inadequate and this will lead

to a brittle failure of the joint. The early anchorage failure of the positive reinforcement in



35

beams will reduce the shear demand and the possibility of shear failure of the joint. Tests
conducted by Pessiki et al. (1990) indicated that the beam-column joints without transverse
reinforcement failed in the specimens with continuous beam reinforcement through the joints.
However, for the specimens with 150 mm embedded beam bottom reinforcement, only minor
cracking was visible in the joints at peak resistance of the specimens. In the current study,
it is assumed that the beam-column joints are rigid, and that all the inelastic deformation will

be concentrated at the member ends.

2.7 STRENGTH SOFTENING EFFECT

The effect of the strength softening behaviour on the cyclic response of nonductile
frames is evaluated in this section. A 3-story RC office building was selected to represent
existing non-ductile RC buildings. The frame is gravity load designed according to the 1963
ACI code. Typical floor plan and elevation of the office building are shown in figure 2.12.
Details of column and beam cross sections of the building are shown in figure 2.13.
Nonductile critical regions in the building include: (1) beam bottom longitudinal reinforcement
embedded 150 mm into the beam-column joint; (2) widely spaced (300 mm) transverse
reinforcement in beams and columns; (3) column lap splices of 20 bar diameter length located
just above the floor level.

A static cyclic inelastic analysis is performed on an interior three-bay frame. The P-A
effect is considered in the analysis. The lateral load applied to the frame is a triangular load
with maximum load at the roof. The frame is subjected to eight displacement cycles with

increasing amplitude. Figure 2.14 shows the variation of the base shear coefficient with the
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roof displacement of the frame with and without modelling the strength softening. The base
shear is normalized by the dead weight acting on the frame. The story drift ratios
corresponding to a roof drift ratio of 1.0% reached approximately 1.84%, 0.88% and 0.31%
for the first, second and third story, respectively. The distribution of the story drift ratios
indicates the formation of a soft story mechanism in the first story of the frame. Figure 2.14
indicates that the ability of the model to represent the softening behaviour provides a more
realistic response than when softening is not included in the model.
The seismic behaviour of the interior frame is studied using scaled versions of the
SOOE component of the acceleration time history recorded at El Centro during the 1940
Imperial Valley earthquake. The dynamic analysis is carried out using a time step increment
of 0.005 second and Rayleigh damping which is defined to achieve 2.0% viscous damping in
the first two natural modes of the frame. Figure 2.15 shows the roof drift variation with the
peak ground acceleration (PGA) of the earthquake with and without modelling the strength
softening. The roof drift ratios of the frame at PGA level of 0.40 g are approximately 1.2 %
and 1.4 % with and without modelling the strength softening, respectively. The
corresponding drift ratios of the first story are approximately 2.18% and 2.88%, respectively.
Figure 2.16 represents the maximum story drift ratios reached during the dynamic analysis.
As expected, the effect of strength softening dominates the behaviour past the ultimate
strength reached at roof drift ratio of approximately 0.9 (figure 2.15). The collapse of the
frame under the effect of gravity and seismic loads occurred in the softening model when the
PGA level reached 0.42 g. The collapse occurs due to the frame lateral instability under the

effect of gravity and seismic loads. This is determined by checking the lateral displacement
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of the frame and the progress of inelastic action and hinging of members of the frame to
ensure that structural instability is taking place and not numerical instability. Figure 2.17
shows the effect of the strength softening on the base shear coefficient at PGA level of 0.40
g. Without strength softening, the dotted line indicates that the base shear coefficient is
overestimated due to underestimated drift and P -A effect.
2.8 SIMPLIFIED PROCEDURE FOR SEISMIC PERFORMANCE EVALUATION
OF NONDUCTILE BUILDINGS

In section 2.7 the seismic performance of the three-story building was evaluated using
dynamic inelastic time-history analysis. The inelastic dynamic time-history approach is
difficult to use in practical applications because of the time and effort required to perform and
interpret its results. Moreover, in reliability evaluation of building structures under seismic
excitation, repeated analyses of the response of the (MDOF) systems in the inelastic range are
often required and the computations can become excessive. The computational effort can be
significantly reduced when simplified procedures that can predict the expected building
performance when subjected to ground motion records with reasonable accuracy are used.

A simple approach for evaluating the seismic performance of structures is to relate the
building performance parameters to the elastic spectral force level of an equivalent linear
elastic SDOF model along with using force reduction factors for inelastic systems (e.g.,
Riddell et al., 1979; and Krawinkler, 1991). Although, such approach provides simple and
convenient means for analysis and design of MDOF systems, the accuracy is inherently limited
because of basic differences between the dynamics of an inelastic MDOF system and linear

elastic SDOF system as well as the effects of the strong ground motion duration of
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earthquakes.

A simplified approach for evaluating the seismic performance of building structures
with improved accuracy, relies on creating an equivalent inelastic SDOF system. This
approach was applied successfully to the analysis of ductile concrete and steel structures
(Collins and Foutch, 1995; Han and Wen, 1997). It is based on obtaining a nonlinear force-
displacement relationship of the equivalent SDOF system from a static pushover analysis of
the MDOF structure and then performing an inelastic dynamic analysis to obtain an estimate
of the peak response parameters of the MDOF system. This methodology is applied to the
analysis of the seismic response of nonductile reinforced concrete buildings with the objective
of accounting for the differences between ductile and nonductile building behaviours. These
differences arise from the strength softening behaviour in the post peak strength range and
the characteristics of the developed plastic mechanism under the effect of the earthquake
loading.

In the formulation of the simplified approach, the strength softening behaviour was
included in the hysteretic force-displacement relationship of the SDOF model. A simple
procedure was used to estimate the story drift ratio using the lateral displacement profile of
the static pushover analysis as well as the roof drift ratio obtained from the SDOF analysis.
Evaluating the seismic performance of nonductile structures using the formulated simplified

approach will be carried out in Chapter 4.

2.8.1 Equations of the Equivalent Single-Degree-of-Freedom model

The equations of motion of a multi-degree of freedom frame structure subjected to



39

horizontal ground motion can be written as:

[MJa) +(CH) + (F} = - M @.12)

where, (Ml is a diagonal mass matrix, (C] is the damping matrix, {u} is the lateral displacement
vector, {F! is the resisting force vector, {I} is a unit vector and G, is the ground motion
acceleration.

The SDOF model is required to represent the displacement response of the MDOF
structure at some selected "significant” point. In the current study, the roof level was selected
as the "significant" point in the structure with roof displacement response of u(t).

To develop an equivalent SDOF model, assumptions are made regarding the lateral
displacement profile of the structure, {u}, and the resisting lateral force vector, {Fl. The lateral
displacement vector {u} in equation 2.12 can be approximated as, {u} = {Plu(t), where (¥} is
an assumed lateral displacement profile of the structure which is assumed to remain constant
during the response and is normalized such that the component of {¥} corresponding to the
roof displacement is unity. The resisting lateral force vector {F} in equation 2.12 is
approximated as, {F} = VI{S}, where (S} is an assumed lateral force profile of the structure that
remains constant during response and is normalized such that it corresponds to a base shear
of unity, and V is a function of time scale factor that physically represents the base shear
coefficient.

The vector {P} can be chosen based on the results of a static pushover analysis of the
MDOF system. The pushover analysis can be carried out using the lateral force distribution

{S}. When the structure behaviour is dominated by the first mode response, the lateral force
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distribution {S} can be approximated as an inverted triangular distribution (maximum value

at the roof level). Substituting {F} and {u} by V{S} and {¥lu,(t) in equation 2.12 yields:

MKP}a, +[CKPHa, + VIS = -MHllag (2.13)

To reduce the matrix equation 2.13 to a single equation, both sides of the equation can be

pre-multiplied by {P!” to get:

M a+C'd+V =-L'a (2.14)

where, M'={P}T [MKP}, C*={PT [CKP}, V'=V{PI" {S}, and L"={P}" [MK1}.
Equation 2.14 can be interpreted as the equation of motion for a SDOF system and
is consistent with the SDOF equation derived by Anderson (1989) and Collins and Foutch

(1995).

2.8.2 Selecting the lateral force profile vector

A selection of the lateral force profile vector of the structure is needed for the
formulation of the SDOF analysis. The distribution of the lateral force will affect the force-
displacement relationship obtained from the pushover analysis. The distribution of the
resisting lateral force during the structure dynamic response is dependent on the
characteristics of the mode shapes of the structure and the characteristics of the ground
motion. Moreover, this distribution is expected to change during the structure response as
a result of the inelastic behaviour. Krawinkler (1996) concluded that no single lateral load

profile can capture the variations in local demands expected in a design earthquake. He
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reported that there are two lateral load profiles that may bound the inertia force distribution
during an earthquake. The first one is uniform load profile (story forces proportional to story
mass) which magnifies the relative importance of story shear forces compared to overturning
moments. The other could be the design load profile used in present codes. In the current
study, the approximate analysis of the nonductile buildings was performed using two lateral
load profiles. The first is a uniform distributed lateral loading and the second is the lateral
load distribution suggested by the National Building Code of Canada (NBCC, 1995). The
accuracy of the approximate analysis results was evaluated in the two cases of lateral load

distributions.

2.8.3 Estimating the lateral displacement profile vector (T}

The accuracy of the SDOF model depends on the proper selection of the lateral
displacement profile vector {¥}. The main problem in selecting {P} is that the lateral
displacement profile of the structure is not constant during the response as a result of the
structure inelastic behaviour. The lateral displacement profile of the structure is approximated
using two lateral displacement profile vectors {¥,} and {¥;} which results in two different
SDOF systems representing the MDOF structure. The first SDOF system is for representing
the elastic behaviour of the structure and is applicable up to 0.5% roof drift ratio, which
represents approximately the yield displacement limit of both the three and nine-story
buildings. The corresponding lateral displacement profile vector, {¥,}, is selected as the initial
displacement profile of the structure calculated in the first loading increment of the pushover

analysis where the structure response is in the elastic range. The second SDOF system is for
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representing the inelastic behaviour of the structure and is applicable when the roof drift ratio
is greater than 0.5%. The corresponding lateral displacement profile vector, {¥,}, is selected
as the displacement profile from the pushover analysis at 1.0 % roof drift. The selection of
1.0 % roof drift is arbitrary, however, it represents an approximate intermediate value

between the yield limit and the collapse limit of nonductile buildings.

2.8.4 Approximate Estimation of the Maximum Story Drift Ratio
The described SDOF model is capable of predicting approximate estimations of the
structure roof drift ratio. The maximum story drift ratio of the structure can not be predicted
directly from the SDOF results. A simple procedure is proposed for the estimation of the
maximum story drift ratio using the lateral displacement profile vectors {¥,} and {‘?,} as well
as the roof drift obtained from the SDOF results. The maximum story drift is assumed equal
to (w.u,), where u, is the roof drift obtained from the SDOF resuits and w is calculated as
follows:
1. For roof drift ratio up to 0.5%, w is considered as the maximum story drift from the
initial lateral displacement profile vector {¥ }.
2. For roof drift ratio greater than 1.0 %, w is considered as the maximum story drift
from the lateral displacement profile vector {¥,}.
3. For roof drift ratio between 0.5 % and 1.0 %, w is obtained by interpolation using the

two values calculated in steps (1) and (2).
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2.9 SUMMARY

A phenomenological model is proposed for representing the strength softening
behaviour of nonductile reinforced concrete frame members based on component tests. The
main characteristic of the developed element is its ability to represent the drop in the strength
of nonductile RC members after reaching the ultimate strength level. Moment and
deformation capacities of the frame members were estimated taking into consideration the
effect of the various deficient details in nonductile components. The analytical predictions are
compared with experimental measurements of the response of members of nonductile frames.

The developed model was applied to study the seismic response of a 3-story
nonductile frame. The response calculated using the softening model is compared with the
prediction using traditional models that do not represent the strength softening of the frame
members. The results indicate that neglecting the strength softening when modelling
nonductile frames will lead to underestimation of the displacements. An important advantage
of the softening model is its ability to represent the behaviour of the structure past its ultimate
strength up to failure and to predict its failure mode.

A simplified approach for evaluating the seismic performance of nonductile building
structures was presented. The approach relies on creating an equivalent inelastic SDOF
system with nonlinear force-displacement relationships obtained form a static pushover
analysis of the MDOF structure. An approximate estimate of the peak response parameters
of the MDOF system can be obtained by performing an inelastic dynamic analysis to the
SDOF system. The strength softening behaviour in the hysteretic force-displacement

relationship of the SDOF model was included in the simplified analysis.
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Table 2.1 Model parameters

Case Pinching Stiffness Strength Strength | Ultimate
degradation | deterioration| softening | concrete
a Y B n strain
Column end with lap splice 0.75 1 0.1 03 -
(Bond failure before bar yielding)|
Column end with lap splice 075 1 0.1 0.1 0.0035
(Bar yielding before bond failure)
Column end with continuous steel 1 2 0.1 0.15 0.006
Beams 0.75 2 0.1 0.1 0.0035
Table 2.2 Experimental data for the column specimens
Test db| Ld | ¢ o] r L,/d, £, £
% % % MPa MPa
Ghobarah et al., 1997|0.8 |5 0.52 (036 |65 |375 437 248
(column S1)
Aycardietal., 1992 |1 5 1 0.75 |39 26.7 448 234
(specimen 1)
Aycardietal.,, 1992 {1 5 1 0.75 |30 no splice | 448 30
(specimen 2)
Lynnetal., 1994 |1 3 2 0.16 |10 no splice | 300 21
(column 2)
Lynnetal, 1994 |1 3 2 0.16 |10 20 300 21
(column 4)
Aboutaha and Jirsa, |0.5 |6 19 021 |O 24 414 19.7
1996 (column FC1)

d= Cross section depth b=Cross section width

L= Splice length
p= Lateral steel ratio
=P/ (f' d b)

f=Steel yield stress

P=Axial load

L = Column length (Cantilever)
= Longitudinal steel ratio d,= Longitudinal steel diameter
f'= Concrete compressive strength
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CHAPTER 3

SEISMIC DAMAGE EVALUATION

3.1 INTRODUCTION

The objective of seismic analysis of existing nonductile reinforced concrete buildings
is to assess their lateral load resisting capacity and to evaluate their damage state when
subjected to an earthquake loading. This analysis forms the basis for the rehabilitation
decisions. Damage indices may be used to describe the amount of potential damage of
structures. They represent valuable design tools since they provide means by which different
design or retrofit options can be compared.

Several damage models have been proposed to quantify the level of damage to
structures due to an earthquake. Indices may be evaluated locally for an element, by
measuring local response parameters of the flexural plastic hinges, e.g., maximum curvature,
maximum rotation , and the dissipated energy. Global damage indices for the various stories
and for the whole building are calculated by summing of the local indices by a weighing
procedure or by considering changes in the structure's global response parameters.

The applicability of available damage indices in measuring seismic damage of
nonductile existing structures is questionable. Most of the indices are derived on the basis of
an assumed ductile behaviour which is characteristic of properly seismically designed
components. The seismic behaviour of existing nonductile structures is characterized by

strength softening in the post-peak range. Strength softening of nonductile members in the

58
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post peak range occurs early and occupies most of the member time history response. It
results from typical deterioration modes such as pullout of steel reinforcement, concrete
splitting, buckling of steel in compression and shear failure in the plastic hinge regions. There
is a need for developing damage models that are suitable for evaluating the seismic damage
of existing nonductile buildings. In this chapter a procedure for evaluating the damage to
nonductile RC structures following an earthquake is developed. The damage procedure is
based on evaluating the deterioration of the building stiffness and lateral load carrying
capacity due to the application of the earthquake loading. The building stiffness and lateral
load carrying capacity before and after the application of the earthquake loading were

determined using a pushover analysis.

3.2 REVIEW OF AVAILABLE DAMAGE MODELS

Available damage models may be classified into two main types. The first type is
damage models that are formulated locally, using the hysteretic characteristics of a particular
member or cross section. In this case, global damage indices for the entire structure are
calculated by integrating the local indices using a weighing procedure. The second type is
global damage indices for the whole building that are calculated by considering changes in the
structure global parameters, e.g., story drift and fundamental period. The two types will be

discussed in details in the following subsections.

3.2.1 Local Damage Models

Several local damage models have been reported in the literature. Martin et al.
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(1997) provided a comparison between some of the available local damage models. They

concluded that all the studied local indices did not provide good performance when used for
evaluating damage in shear-dominated RC elements.

Local damage models may be categorized into two main groups. The first group
includes damage models that account only for maximum deformation, while the second group
includes damage models that account for maximum deformation and cumulative damage.
Examples of damage indices that are based on Maximum deformation include, the Ductility
Ratio (DR) and the Modified Stiffness Ratio (MSR). The Ductility Ratio (DR) is defined as
the ratio of maximum deformation to the yield deformation. It has been applied extensively
in seismic analysis to evaluate the capacity of structures undergoing inelastic deformation and
in developing inelastic response spectra (Newmark and Rosenblueth, 1971). It is assumed
that failure occurs when the ductility demand exceeds the structural ductility capacity. The
ductility capacity of an element is the ratio of the ultimate deformation under monotonic static
load to the yield deformation.

The Modified Stiffness Ratio ( Roufaiel and Meyer, 1987) can be defined as:

msr- & a7 k)

. 3.1

ke G ) G-
where k. and k,, are the secant stiffnesses at failure and at maximum deformation, respectively.
The initial stiffness is termed k,. The value of the damage index will vary between zero and
one and is dependent on the magnitude of the maximum deformation and the deformation at

failure. The deformation at failure is usually calculated as the ultimate deformation under
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monotonic static load.

The Ductility Ratio (DR) and the Modified Stiffness Ratio (MSR) are considered
unsatisfactory as damage indices because they can not account for the duration of the ground
motion. Experimental evidence on the behaviour of nonductile components indicates that
repeated cycles at the same ductility level will cause deterioration in both the stiffness and
strength and therefore will increase the damage level. Such effects are ignored when using
the Ductility Ratio (DR) and the Modified Stiffness Ratio (MSR) as damage indices.

An example of the damage models that account for maximum deformation and

cumulative damage is the damage index proposed by Park and Ang (1985). The index is

defined as:
5. . B [dE
D= =2
5 F, O, G-2)

where 8, is the maximum displacement response, 8, is the ultimate deformation capacity
under monotonic loading, F, is the yield strength, dE is the incremental dissipated energy and
B is a non-negative constant. The first term in equation 3.2 accounts for damage based on
the ductility ratio, while the second term accounts for the cumulative damage as a result of
the loading cycles based on the principle of low cycle fatigue of metal structures.

This type of damage model may be appropriate for the case of ductile structural
components that do not exhibit significant deterioration in response due to repeated loading
cycles and will be subjected to a rapid loss of strength after reaching their failure deformation

at a late stage of the response. The application of this type of damage models for the case of
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nonductile structural comiponents that exhibit deterioration in response due to repeated cycles
at the same ductility level is not appropriate (Krawinkler, 1987). For nonductile components,
it is more appropriate to define damage in terms of the loss in strength.

Global damage index for the entire building or for a particular story provides means
by which different designs or retrofit options can be compared. Global damage indices are
obtained by integrating the local damage indices of the various building elements. A
procedure proposed by Park and Ang (1985) to integrate the local damage indices depends
on calculating a weighted average of the local damage indices of a particular story or the
entire building. The weighing factor for an element is taken as the dissipated hysteretic
energy by such element. Considering for example the frame shown in figure 3.1, where the
cases (a) and (b) represent two sequential damage states during an earthquake analysis.
Global damage indices for the two damage states can be calculated as; D* =d," and D* =
(d2E*+d EPV(E+E,"), where dj and E/ are, respectively, the local damage index and the
dissipated hysteretic energy of element i at damage state j. D’ is the corresponding global
damage index.

When using the averaging procedure for calculating the global damage indices,
inaccurate results may be obtained because of two reasons. First, in the case where (d,’, E,")
are slightly larger than (d,*, E,*) and (d,®, E,®) are fractions of (d," E,"), the calculation may
yield ( D* >D%). This is an incorrect result because case (b) is a later stage of loading and
should have more damage than case (a). Second, the procedure neglects the relative
importance of each element to the lateral stability of the entire structure. The damage

procedure does not distinguish between a column and a beam. Kappos (1997) reported that
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there is a difficulty in the appropriate definition of a global damage index for the entire
structure. He concluded that in some cases, the global damage index for the entire structure

can not be expressed simply as a weighted average of member indices.

3.2.2 Global Damage Models Based on the Global Response Parameters or the
Dynamic Characteristics of the Structure

Global damage indices can be calculated directly from the global response parameters
or the dynamic characteristics of the structure. Two types of global damage indices are
discussed. The first damage index is the Interstory Drift ratio (ID) and the second index is
the Final Softening index (FS) proposed by DiPasquale and Cakmak (1988) which is

calculated using the natural fundamental period of the structure.

3.2.2.1 Interstory drift ratio
The Interstory Drift ratio (ID) is the ratio of the maximum relative displacement
between two stories to the story height. It is used as criteria for evaluating the damage level
to structural and nonstructural components after an earthquake. In the case of reinforced
concrete nonductile buildings, the interstory drift ratio is not a reliable measure of damage for
the following reasons:
. The interstory drift ratio does not account for the effects of cumulative damage due
to repeated inelastic deformation with constant displacement amplitude. Experimental
studies demonstrated that nonductile components are expected to suffer from

significant damage due to repeated inelastic deformation.



64

. The interstory drift ratio does not account for the differences in the plastic
deformation capacities (or the ductility class) of the structural systems. For example,
the damage level corresponding to a 1.0% interstory drift ratio in a nonductile
structure is expected to be much higher than that of a ductile building.

. The interstory drift capacity of a nonductile building is dependent on the deformation
capacities of the plastic hinges of the developed plastic mechanism. Existing
nonductile reinforced concrete buildings are characterized by a wide vanation in the
deformation capacities of the plastic hinges of the building members (beams or
columns) or even whether the plastic hinge is located at the bottom or top end of the
column. Moreover, changes may exist in the deformation capacities of the plastic
hinges of the building columns from floor to floor depending on the level of axial
forces. The variation in deformation capacities of the elements will cause a significant
variation in the interstory drift capacity of the building. This is particularly evident in
the case where a change in the characteristics of the developed plastic mechanism
occurs as a result of adding a rehabilitation system to the building. It should be noted
that such wide variation in the level of deformation capacities of the building elements
is not expected to occur in ductile reinforced concrete buildings detailed according

to current seismic codes.

3.2.2.2 Damage indices based on the vibrational parameters
A global damage index, known as "Final Softening” (FS) has been developed by

Dipasquale and Cakmak (1988). The damage index is defined as:
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(3.3)

where T, and T, are the building fundamental natural periods before and after the
application of the dynamic loading, respectively. The fundamental period of the building is
dependent on both the fundamental modal stiffness and the fundamental modal mass.

The final softening index is related to the global stiffness deterioration of the building
and it has the advantage of avoiding the averaging procedure. In addition, the index has the
advantage that the actual measurements of the fundamental period can be made before and
after the earthquake. The final softening index can not be used to determine the deterioration
in the building load carrying capacity or quantify the damage to the various stories.

The final softening index is limited to the case where the fundamental mode shape
does not change significantly after seismic damage. Changes in the fundamental mode shape
will cause a corresponding change in the modal mass leading to a final softening index that

is no longer representative of the global stiffness deterioration.

3.3 PROPOSED DAMAGE EVALUATION APPROACH

The proposed damage evaluation approach provides indices for measuring damage
to the various stories and to the whole building. The damage evaluation approach is based
on measuring the stiffness degradation and strength deterioration for structures. Damage
indices of the various stories and the whole building can be calculated as a percentage loss in

stiffness or in the load carrying capacity due to the application of the dynamic load.
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To calculate the damage indices that represent the deterioration in the stiffness or in
the load carrying capacity, two pushover analyses are conducted on the building. The first
pushover analysis is carried out before the application of the dynamic load, while the second
pushover analysis is carried out after the application of the dynamic load, removing the inertia
and damping force effects and bringing the building to the unloaded static state. Typical
relationships between the lateral load and the roof (or story) drift before and after the dynamic
load application are shown in Figure 3.2. A damage index that represents the deterioration

of the building stiffness (D,) is calculated as:

K
D =1- D (3.4)

where K and Kg, represent the slopes of the lateral load-roof drift relationships in the linear
range of deformation before and after the dynamic load application, respectively. In the
current study, the values of K, and K, are considered as the secant stiffnesses at roof drift
ratio of 0.25%, before the structure undergoes significant inelastic deformation. Similarly,
a damage index, D,, can be calculated from the lateral load-i® story drift relationships before
and after the dynamic load application to measure the stiffness deterioration of the i* story

as follows:

KI
D =1- — (3.5)

where K, and K, represent the slopes of the lateral load-i* story drift relationships in the
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linear range of deformation before and after the dynamic load application, respectively.
Another damage index (D,’) that measures the load carrying capacity deterioration of
the whole building due to the dynamic load application can also be calculated from the two

pushover analyses. This index is defined as:

F
D, =1- == (3.6)

where F, and Fg, are the initial and the final lateral load carrying capacities of the building
as determined from the pushover analyses before and after the dynamic load application as
shown in Figure 3.2. The calculation of the damage index (D,’) requires the use of beam-
column models that account for the strength softening behaviour of nonductile reinforced
concrete members after reaching their ultimate strength levels.

The values of the proposed damage indices representing the stiffness degradation and
the lateral load carrying capacity deterioration of a particular story or the entire building as
given by equations 3.4 to 3.6, vary between zero and one. A value of one for the index
represents collapse. However, in practical terms failure of the building may be defined at a
lower damage index corresponding to a certain percentage loss of the lateral load carrying
capacity. The Damage indices (D, ) are useful in determining the distribution of damage
among the various stories.

The advantage of the proposed damage indices is that they represent an actual
measure of the deterioration of the stiffness and load carrying capacity of a story or the total

building. These damage indices are obtained without the need for an averaging or weighing
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procedure to integrate the effect of the building elements. The effect of the ground motion
duration was taken into consideration as the repeated cycles will cause deterioration in
stiffness and strength of the building elements and therefore will cause a corresponding

increase in the damage level.

3.4 CHARACTERISTICS OF THE DEVELOPED DAMAGE INDICES

The applicability of the damage indices D, and D,” for evaluating the seismic damage
of a structure is dependent on the models used for representing the structure behaviour.
Nonductile models such as the model developed in Chapter 2 are used for representing the
behaviour of RC components that are not seismically designed and in which a number of
brittle failure modes may be experienced in the process of inelastic deformation. In this type
of models, cyclic loading is expected to cause significant stiffness deterioration and strength
softening. The strength softening of nonductile members in the post peak range usually
occupies most of the member time history response. Damage in this type of model can be
defined as the deterioration levels in the stiffness or the strength magnitudes using the
developed damage indices D, and D,". The two indices measure the deterioration in two
different properties of the structure and provide sufficient information for assessing the
damage to nonductile structures due to the application of earthquake loading.

On the other hand, ductile models are used for representing the behaviour of well
designed RC components according to current seismic codes in which brittle failure modes
are prevented through proper design and detailing of individual members. Examples of this

type of model include the models developed by Takeda et al.(1970), Roufaiel and Meyer
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(1987) and Park et al. (1987). Most of the available damage models are derived for ductile
models as pointed out in section 3.2. Strength softening is not represented in these models.
For ductile behaviour, it is assumed that strength softening will occur at a late stage of
response with rapid rate as a result of the previously accumulated damage and that failure in
this type of behaviour can be considered to be associated with the onset of the strength
softening (Krawinkler, 1987). The damage index D,' is not applicable for the case of ductile
behaviour and is not similar to other damage models derived on the basis of an assumed
ductile behaviour. It is only limited to the structural components that exhibit deterioration
in strength due to cyclic loading. On the other hand, the stiffness-based damage index D, can
be used in damage evaluation of both ductile and nonductile RC components as both exhibit
stiffness deterioration under the effect of cyclic lateral loading. There is a similanty between
the damage index D, and the final softening index proposed by Dipasquale and Cakmak
(1988). This similarity arises due to the strong relationship between the structure stiffness

and fundamental period.

3.5 EFFECT OF THE LATERAL LOAD DISTRIBUTION

The lateral load carrying capacity and stiffness of the nonductile building as calculated
from the pushover analysis are dependent on the distribution of the applied lateral load used
in the analysis. When the structure behaviour is dominated by the first mode response, the
pushover analysis can be conducted using an increasing inverted triangular lateral load. For
multi story structures, the appropriate criteria for selecting the lateral load distribution is to

obtain a shear force distribution along the building height that is as close as possible to the
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shear distribution caused by the earthquake loading. This criterion is difficult to apply
accurately and therefore a certain level of approximation is required. Recently, adaptive
lateral load patterns were utilized in the pushover analysis to follow more closely the time
variant distribution of the inertia forces. Krawinkler (1996) reviewed the available adaptive
load patterns. He concluded that none of the available adaptive patterns have proven to be
universally applicable.

In order to evaluate the effect of the lateral load distribution used in the pushover
analysis on the proposed damage indices, two nonductile reinforced concrete frames with
different heights are analyzed. The two interior frames are from two reinforced concrete
office buildings that are designed to represent existing non-ductile reinforced concrete
buildings. The buildings are three and nine stories representing low to moderate height
nonductile buildings. They are designed for gravity loads only according to the 1963 ACI
code (ACI 318-63). Detailed description of the three-story building is presented in section
2.7 while the nine story building is discussed in section 4.2.

Three types of applied lateral loads are considered: a) a uniformly distributed lateral
load along the frame height; b) an inverted triangular code-type lateral loading; c) a
concentrated load at the roof level. A lateral load with shear force distribution along the
building height similar to the shear distribution caused by the earthquake loading at maximum
response in the linear elastic range was also considered. The selected lateral load distributions
give a wide variation of shear force distribution along the building height. The frame
members were modelled using the beam-column model presented in Chapter 2. The dynamic

analyses of the nonductile frames were carried out using a time step increment of 0.005
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second and viscous-damping which was defined to achieve 2.0% damping in the first two
natural modes of the frames. The P-A effect was considered in the analysis. The resuits of
the three story and the nine story buildings are discussed separately in the following

subsections.

3.5.1 Response of the three-story building

The three story building was subjected to scaled versions of El Centro, Mexico City
and Nahanni ground motion records. Detailed information regarding these ground motion
records is summarized in Chapter 4. Figures 3.3 and 3.4 show the lateral load-roof drift
relationships of the three-story frame before and after the application of El Centro earthquake
(PGA=0.3 g). In the DRAIN-2DX program, the final pushover analysis is conducted after
removing the inertia and damping force effects and bringing the building to the unloaded static
state. Figures 3.5 and 3.6 show the relationships between the PGA level of El Centro
earthquake and the damage indices D, and D," , respectively. The different cases of lateral
load distribution are plotted on the figures. Figures 3.7 and 3.8 represent the damage indices
variation with the PGA of the Mexico earthquake. The resuits obtained when applying the
Nahanni earthquake are shown in figures 3.9 and 3.10. Figures 3.3 and 3.4 indicate that the
lateral load distribution has a significant effect on the magnitude of the lateral load carrying
capacity and stiffness of the nonductile frame. However, figures 3.5 to 3.10 indicate that in,
general, the distribution of the applied lateral load has a smaller effect on the values of the
damage indices D, and D, in the case of the three story frame. This is because the damage

index is the ratio of two values from two pushover analyses calculated using the same
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approximate load distribution. For example, in the case of El Centro earthquake at PGA= 0.4
g, the values of D, calculated by the concentrated, inverted triangular and uniform lateral
load distributions show differences of approximately 9.0%, 2.0% and 0.0%, respectively,
from the value calculated by the lateral load with shear force distribution similar to the shear
distribution caused by the earthquake loading. The corresponding values of D, calculated by
the concentrated, inverted triangular and uniform lateral load distributions show differences
of approximately 11.0%, 4.0% and 0.0%, respectively, from the value calculated by the lateral
load with shear force distribution similar to the shear distribution caused by the earthquake
loading.

It is concluded from the response of the three-story building that both the uniform and
the inverted triangular lateral load distributions give values of damage indices approximately
equal to the values calculated using the earthquake lateral loading although the shear force
distribution, lateral load carrying capacity and the stiffness of the frame are significantly
different in the two cases of load distribution. The calculated damage indices are not very
sensitive to whether a uniform or inverted triangular lateral load distribution is used to

perform the pushover analysis in the case of the three-story building.

3.5.2 Response of the nine-story building

The seismic Analysis of the nine story frame was carried out using scaled versions of
the San Fernando, Mexico and Long Beach earthquakes. The Mexico earthquake was used
before in the analysis of the three story building. The other two records, San Fernando and

Long Beach, are used in the analysis of the nine story building as they represent low
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frequency content records. Detailed information regarding these ground motion records is
summarized in Chapter 4. Figure 3.11 shows the lateral load-roof drift relationships of the
frame before the application of the dynamic loads for the three cases of lateral load
distributions. Figure 3.12 shows the lateral load-roof drift relationships of the frame after the
applications of San Fernando earthquake with (PGA=0.3 g). Figures 3.13 and 3.14 represent
the relationships between the PGA level of the San Fernando earthquake and the damage
indices D, and D,’", respectively. The predicted response to the Mexico City earthquake is
shown in figures 3.15 and 3.16, while for the Long Beach earthquake is shown in figures 3.17
and 3.18. Figures 3.11 and 3.12 show the significant effect of the lateral load distribution
on the magnitude of the lateral load carrying capacity and stiffness of the nonductile frame.
Figures 3.13 to 3.18 show that the damage indices calculated using both the uniform and the
inverted triangular lateral load distributions are approximately equal to the values calculated
from the earthquake lateral loading. Damage indices calculated in the case of the
concentrated lateral load are slightly smaller in magnitude than those calculated due to the
other lateral load distributions.

The predicted shear force distribution along the frame height in the linear elastic
analysis range at maximum response of the San Fernando, Mexico and Long Beach
earthquakes are shown in figures 3.19, 3.20 and 3.21, respectively, along with the shear
distributions in the frame due to the three lateral load distributions. The figures indicate that
the shear force distribution due to the inverted triangular lateral loading represented an upper
limit of the shear distribution along the frame height. The shear force distribution of the

uniform lateral loading tended to underestimate those of the earthquakes. Both the uniform
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and the inverted triangular lateral load distributions give values of damage indices
approximately equal to the values calculated using the earthquake lateral loading. Selecting
either lateral load distribution to perform the pushover analysis in the case of the nine story

building results in reliable damage values.

3.6 RELATIONSHIP BETWEEN D, AND THE FINAL SOFTENING INDEX

There is a similarity between the damage index D, and the final softening index
proposed by DiPasquale and Cakmak (1988). This similarity is due to the fact that the
fundamental period of the structure is dependent on the structure stiffness. A comparison was
performed between the damage index D, and the final softening index defined by equation 3.3
for the cases of the three-and nine-story frames using several earthquakes. Figures 3.22, 3.23
and 3.24 show the relationships between D, and the final softening index for the three-story
frame in the case of El Centro, Mexico and Nahanni ground motions, respectively. Figures
3.25, 3.26 and 3.27 show the relationship between D, and the final softening index for the
nine-story frame in the case of San Fernando, Mexico and Long Beach ground motions,
respectively.

In the case of the three story frame the final softening index approaches the D, at
some points and slightly underestimates it at others. In the case of the nine story frame, the
final softening index significantly underestimates the value of D,. The results suggest that the
final softening index does not properly represent the deterioration of the building stiffness.
The predicted trend of the final softening index may be because of the following reasons:

First, in the case of reinforced concrete buildings that are damaged due to an
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earthquake loading, it is expected that the building stiffness will be dependent on the loading
direction. The final fundamental period used in calculating the final softening index is
determined after the application of the last increment of the earthquake loading with no
control over the loading direction. This will lead to some randomness in the calculated
instantaneous stiffness of the structure at the final step of the earthquake loading. In the case
of the damage index D, two different final stiffnesses are calculated using two final pushover
analyses (e.g, from right to left and from left to right). Each of the final pushover analyses
is performed after removing the inertia and damping force effects and bringing the frame to
a static state. The smaller stiffness is used in calculating the stiffness index D,.

Second, the time windows for the calculations of the fundamental period and the
pushover stiffness are different. The fundamental period is calculated at an instant using the
tangent stiffness of the structure at the end of the dynamic load. While in the case of D, the
pushover stiffness is calculated using a wider time window representing the pushover loading
time from point "o" to point "a" as indicated on the pushover plot shown in figure 3.4. A
wider time window provides much more reliability in determining a representative value of
the building stiffness, especially when the calculations are performed on the damaged
structure suffering from residual deformations and forces after the application of the dynamic
load. It was observed during the analysis of some cases that the instantaneous stiffness of the
damaged structure at the first loading increment of the pushover is higher than the stiffness
calculated after the application of few loading increments. This is attributed to the fact that
the element residual forces which result from the dynamic loading affect the element pushover

stiffness. Figure 3.28 represents two different cases of the moment-rotation relationship of
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the structure plastic hinges. In case I of figure 3.28, the residual moment and the pushover
loading are in the same direction, while in case II, the residual moment and the pushover
loading are in opposite directions. In general, when pushing a structure laterally after the
application of the earthquake loading, it is expected that some of the plastic hinges of the
structure are similar to case II of figure 3.28, especially when the structure is affected by the
higher modes of vibrations. Figure 3.29 shows the expected force-displacement relationship
from the pushover analysis. The instantaneous stiffness of the structure at the first loading
increment is higher than the stiffness calculated at other loading increments in the linear range
of the force-displacement relationship. This explains why the final softening index tends to
be lower than the damage index D,. The instantaneous stiffness of the structure at the first
loading increment will be influenced by the residual forces and can not be considered as a
representative value of the building stiffness, especially when the calculations are performed
on a damaged structure after the application of the earthquake loading. The approach
considered in calculating the pushover stiffness in the current study provides a reliable
representation of the building stiffness. In case of the nine-story building the effect of the
residual forces will be more pronounced due to the effect of higher modes of vibrations.
Third, the calculations of the final softening index may be affected by the changes in
the fundamental mode shape due to inelastic response. These changes will cause a
corresponding change in the modal mass leading to a final softening index that is no longer

representative of the global stiffness deterioration.
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3.7 RELATIONSHIP BETWEEN D, AND STORY DRIFT

The use of story drift as a measure of seismic damage may not be appropnate in case
of nonductile reinforced concrete building structures. Existing nonductile buildings are
characterized by a wide variation in the deformation capacities of the plastic hinge regions of
the building members and therefore significant variation in the story drift capacities of
nonductile reinforced concrete buildings are expected to occur depending on the experienced
mode of failure.

The relationships between the story drift ratio and the damage index D,” were
evaluated for the three-and the nine-story frames. Figures 3.30 and 3.31 represent the
relationships between the story drift ratio and the damage index D,” due to the application
of San Fernando and Mexico earthquakes, respectively. Both the three-and the nine-story
frame responses are included in each figure. The results shown in the figures indicate that the
relationship between the story drift and the damage index is dependent on the building height.
Different buildings with different heights may experience different modes of failures leading
to significant variation in the story drift capacities corresponding to a certain level of damage.
The nine-story frame exhibited higher story drift capacities as compared to the response of
the three-story frame. The results presented in figures 3.30 and 3.31 indicate also that for
a specific structure, the relationship between the story drift ratio and the damage index is
earthquake dependent. Different earthquakes will have different frequency contents and
different strong ground motion duraticns and this will lead to different relationships between

the story drift and the damage index.
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3.8 STORY DRIFT VARIATION

To evaluate the variation of plastic deformation along the building height under the
effect of earthquake loading, a plastic mechanism parameter "v" is proposed to measure the
variation in the story drift ratios corresponding to a certain roof drift. This parameter is useful
in comparing the plastic mechanisms of buildings with different heights or retrofit options.
In the current study, a 1.0 % roof drift ratio is considered in calculating the parameter "v".
The selection of the specified roof drift is somewhat arbitrary, however, the 1.0 % roof drift
ratio is assumed to represent an approximate intermediate value between the yield limit and
the collapse limit of nonductile buildings. Collins and Foutch (1995) analyzed several
buildings and used a 1.0 % roof drift ratio in obtaining an approximate estimate of the lateral
displacement profile of the building in the inelastic deformation range. The proposed plastic

mechanism parameter "v" is defined by the empirical relationship:

,_; |(Si' 1.0)| 3.7
2 (n-1)

where S, is the story drift ratio of the i* story multiplied by 100 and n is the total number of
stories (n >1). The building stories are assumed to have equal heights, therefore, the average
value of the story drift ratios of all the building stories will be equal to the roof drift ratio.
The nomirator of equation 3.7 represents the summation of the absolute differences
between the story drift ratios and the average story drift ratio and it ranges theoretically
between zero and 2(n-1). The denominator of the equation was chosen to make the value of

the parameter v ranges between zero and 1. The case when v equals zero represents equal
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story drift ratios for all the building stories. In this case, the necessary overall displacement
ductility can be developed with relatively small story drift demand. The development of such
plastic mechanism in building structures will lead to a relatively lower deformation and
damage levels under the effect of the earthquake loading. On the other hand, the case when
v equals 1 indicates that one story is the only source of the overall building deformation. In
this case, the necessary overall displacement ductility is developed with relatively high story
drift demand, leading to the development of relatively higher deformation and damage levels
under the effect of the earthquake loading. In general, it can be expected that the lower the
value of v, the better is the distribution of the story drift ratios of the nonductile building

under the effect of lateral loading.

3.9 SUMMARY

The application of available damage models in the case of nonductile reinforced
concrete components was evaluated. The damage models, either fail to account for duration
of the ground motion or they were found to be based on an assumed ductile behaviour. It
was found that the average procedure for integrating local damage indices of the building
elements may yield inaccurate results.

A new procedure for evaluating the seismic damage of existing nonductile buildings
was proposed. Damage indices for the various stories and the entire building are calculated
as a percentage loss in stiffness or in the load carrying capacity due to the application of the
dynamic load. The approach involves using the results of two pushover analyses; before and

after the application of the earthquake loading.
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It was found that the variation in the damage indices calculated from pushover
analyses with different load distributions, is relatively small. The results indicate that using
an inverted triangular loading or a uniform lateral load distribution will yield approximately
equal values of the damage indices although the shear force distribution, lateral load carrying
capacity and the stiffness of the frame are significantly different in the two cases of lateral load
distributions.

In the case of the three-story frame the final softening index approaches the D, at
some points and underestimates it at others. In the case of the nine-story frame the final
softening index significantly underestimates the damage of the frame as determined by the
proposed approach. This was attributed to different reasons which include, the effect of the
residual forces on the structure stiffness, the changes in the fundamental mode shape due to
inelastic response and the randomness in the calculated instantaneous stiffness of the structure
at the final step of the earthquake loading. The results suggested that the final softening index
may not properly represent the deterioration of the building stiffness.

A parameter v was proposed for evaluating the plastic mechanism of building
structures under the effect of lateral loading. The parameter v measures the uniformity of
the distribution of the story drift ratios corresponding to a roof drift ratio of 1.0 % due to the
application of lateral loading. The lower the value of v, the more desirable is the developed

plastic mechanism of the building.
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Figure 3.7 Relationships between the PGA level of Mexico earthquake and the damage index D,’
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Figure 3.11 Lateral load-roof drift relationships of the nine-story frame before the application of
the dynamic loads using different lateral load distributions
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Figure 3.12 Lateral load-roof drift relationships of the nine-story frame after the application of
San Fernando earthquake (PGA=0.3g)
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Figure 3.13 Relationships between the PGA level of San Fernando earthquake and the damage
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Figure 3.14 Relationships between the PGA level of San Fernando earthquake and the damage
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Figure 3.24 Variations of the damage index D, and the final softening index with the PGA level of
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CHAPTER 4

PERFORMANCE EVALUATION OF NONDUCTILE BUILDINGS

4.1 INTRODUCTION

Two reinforced concrete buildings, three-and nine-stories, were selected to represent
existing nonductile structures that were designed according to early codes. The seismic
response of the buildings was evaluated in terms of deformations and damage. The buildings
were considered as a series of planar frames connected at each floor level by a rigid
diaphragm, therefore, only 2D analysis was performed. The beams and columns were
modelled using the beam-column model described in Chapter 2. The effect of the geometric
nonlinearity (P-A) was considered in the analysis.

The building seismic performance parameters were obtained using twelve ground
motion records with different characteristics. The selected records covered a wide range of
frequency content and strong ground motion durations. The free vibration characteristics of
the buildings were determined and the correlation between the building seismic performance
parameters and the PGA level of the earthquake records was investigated. The relationships
between deformation and damage for the two buildings were evaluated. The seismic
performance of the buildings was determined using the simplified seismic performance
evaluation approach presented in Chapter 2. The accuracy of the simplified approach in
predicting the seismic performance parameters of nonductile reinforced concrete structures

was evaluated.

97



98
4.2 SELECTED NONDUCTILE BUILDINGS

The selected buildings are three-and nine-stories and were gravity load designed
according to the 1963 ACI code (ACI 318-63). The design concrete strength is 21 MPa and
the design steel yield strength is 300 MPa. Various factors are expected to affect the concrete
compressive strength of the nonductile building over time. Concrete aging will cause a
compressive strength increase, however, environmental stressors may attack the integrity of
the concrete with or independent of operating, environmental and accidental loads, causing
the strength to degrade over time (Mori and Ellingwood, 1993). In the current study, it is
assumed that the current concrete compressive strength of the building is equal to the original
strength. The design live load for the building is taken as 2.4 kN/m? which is typical for an
office building. Typical floor plan and elevation of the nine-story office building are shown
in figure 4.1. Figure 4.2 shows the cross section details of the beams and columns of the
nine-story building. The details of the building members are similar to those of the nonductile
building designed by Biddah (1997). The building mass due to the dead weight of all
structural and nonstructural elements is equal to 567,200 kg/floor. The three-story building
was designed according to the same code provisions. The exterior columns are 300x300 mm
reinforced using 4¢19 mm bars and the interior columns are 400x400 mm reinforced using
8¢19 mm bars. The exterior and interior beam sections are as shown in figure 4.2 for a
typical floor. The steel reinforcement details in the buildings include: (1) beam bottom
longitudinal reinforcement embedded 150 (mm) into the beam-column joint for anchorage;
(2) widely spaced (300 mm) transverse reinforcement in beams and columns; (3) column lap

splices of 20 bar diameter length located just above the floor level.
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4.3 SELECTION OF THE GROUND MOTION RECORDS

Earthquake ground motions may be categorized based on parameters such as the peak
ground acceleration (PGA), the peak ground velocity (PGV), frequency content and the
duration of the strong ground motion. The ratio of PGA in (g) to the PGV in (m/sec.),
commonly referred to as (A/V) ratio, can be considered as a simple qualitative measure of the
frequency content of the ground motion. High (A/V) records represent high frequency
content, while low (A/V) records indicate low frequency content.

Twelve ground motion records are selected for use in the current study. The criteria
used in this selection is to cover a wide range of ground motion durations and frequency
content represented by the (A/V) ratio. The durations of the ground motions were calculated
using the method proposed by Trifunac and Brady (1973). Information concerning these

ground motion records is summarized in table 4.1.

4.4 SEISMIC PERFORMANCE OF THE THREE-STORY BUILDING

The seismic performance of the three-story nonductile building was studied using
scaled versions of the selected twelve ground motion records listed in table 4.1. The free
vibration characteristics of the building are obtained and the correlation between the building
seismic performance parameters and the PGA level of the earthquake records was
investigated. The relationships between deformations and the levels of damage indices were
presented. The dynamic analyses of the building were performed using a time step increment
of 0.005 second and Rayleigh damping which was defined to achieve 2.0% viscous damping

in the first two natural modes of the building.
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4.4.1 Free Vibration Characteristics and the Elastic Spectral Fozrcu

A free vibration analysis was carried out to determine the free vibration characteristics
of the existing three-story building. The results are surnmarized in table 4.2. The
fundamental period of the building was calculated as 0.99 second. Table 4.3 summarizes the
elastic spectral forces (equivalent to the elastic base shear coefficients) for all the earthquake
records corresponding to the fundamental period of the building. The elastic spectral force
is considered as one of the main parameters that characterize ground motions and their effects
on the structures. In general, the lateral seismic design force for a structure as considered in
current seismic design provisions is the elastic spectral force divided by a force reduction
factor to account for the inelastic behaviour of the structure. Table 4.3 shows that on
average, records with low (A/V) ratios cause the greatest elastic spectral forces, while records

with high (A/V) cause the smallest elastic spectral forces on the structure.

4.4.2 Seismic Analysis Resuits

An inelastic dynamic analysis was carried out for the three-story building using the
selected twelve ground motion records. The seismic analysis results are summarized in table
4.4. The table presents the global seismic response parameters of the three-story building for
each of the ground motion records when scaled to different PGA levels. The PGA scale
factors of each of the ground motion records were selected to produce various levels of the
building response, including severe inelastic deformation. The maximum level of the PGA of
each of the records shown in table 4.4 is very close to the level that causes the structure

collapse. For example, the collapse of the three-story building under the effect of El Centro
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record occurred when the PGA level reached 0.42 g. The collapse occurs due to the frame
lateral instability under the effect of gravity and seismic loads.

Table 4.5 summarizes the distributions of the story drift and the stiffness-based
damage indices D, of the various stories due to the application of different ground motion
records. The results shown in the table indicate that the seismic loading causes a soft story
plastic mechanism to form in the first story, leading to the concentration of relatively high
levels of deformation and damage in the first story members. The deformation and damage
of the third story were relatively small and the deformation remains within the elastic range.

The first, second and third story drift ratios corresponding to 1.0 % roof drift ratio of
the nonductile three-story building when subjected to a static pushover analysis are 1.86, 0.84
and 0.3 %. The corresponding value of v is equal to 0.43. For seismically well designed
buildings, v is expected to be lower than the value calculated for the nonductile building. The
distribution of the story shear for the three-story building when subjected to the highest PGA
levels of the various ground motion records before the structure collapse, are presented in

table 4.6. The base shear coefficient of the three-story building ranges from 0.15 to 0.16.

4.4.3 Variation of the Building Performance Parameters With the PGA Level

The relationships between the PGA level and the building seismic performance
parameters due to the application of the twelve ground motion records are presented in
figures 4.3 to 4.6. These figures show the relationships between the PGA level and the mean
and mean plus standard deviation of the roof drift ratio, story drift ratio, strength based

damage index D,” and the stiffness based damage index D, respectively. At PGA level of
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0.35 g, the means of the roof drift ratio, story drift ratio, damage index D,” and the damage

index Dg reached approximately 1.2 %, 2.3 %, 0.4 and 0.65. The standard deviations in the

roof drift ratio and the story drift ratio reached about 47% and 68 % from the mean values,
respectively. The large difference between the mean and mean plus standard deviation
indicates that the inelastic response of the structure is heavily dependent on the specific

characteristics of the ground motion record.

4.4.4 Building Damage

The relationships between the building deformation and the level of damage indices
are presented in figures 4.7 to 4.10. Figures 4.7 and 4.8 show the roof drifi-D,” and the
maximum story drift-D, relationships, respectively. Figures 4.9 and 4.10 represent the roof
drift-D, and the maximum story drift-D, relationships, respectively. The standard deviations
at 1.0 % roof drift ratio in the strength based damage index D,” and the stiffness based
damage index D, are approximately 27.0 % and 7.0 %, respectively. At a 2.5% story drift
ratio, the standard deviations in the damage indices D, and D, are approximately 14.0 % and
7.0 %, respectively. The results indicate the high variation of the damage index D," as
compared to that of the damage index D, This means that the strength based damage index
D, is more sensitive to the differences in the strong ground motion duration of the
earthquakes than the stiffness based damage index D,.

The maximum theoretical value of the damage indices is 1.0 which represents the

collapse of the structure. The analysis of the three-story building was terminated at PGA

levels close to the levels that cause the building collapse. The ratios between the maximum
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PGA levels reached in the analysis and those at the building collapse are greater than 90% for
most of the earthquake records. At the maximum PGA levels considered in the analysis, the
average values of the strength based damage index D, and the stiffness based damage index
D, are 0.58 and 0.74, respectively. Damage to the building was attributed to column hinging
in the first and second stories and beam hinging due to pullout of the bottom reinforcement

and yielding of the top reinforcement.

4.5 SEISMIC RESPONSE OF THE NINE-STORY BUILDING

The seismic performance of the nine-story building was evaluated using scaled
versions of the twelve ground motion records. The free vibration characteristics of the
building were obtained. The correlation between the building seismic performance parameters
and the PGA level of the earthquake records was investigated. The relationships between

deformation and the level of damage indices were studied.

4.5.1 Free Vibration Characteristics

The results of the free vibration analysis of the nine-story building are presented in
table 4.2. The elastic spectral forces of the earthquake records corresponding to the
fundamental period of the building are presented in table 4.3. The table shows that on
average, records with low (A/V) ratio caused the largest elastic spectral forces while records
with high (A/V) ratio caused the smallest elastic spectral forces. This trend is similar to the
case of the three-story building. In general, the seismic demand for the nine-story building

is lower than that for the three-story building. This is attributed to the long fundamental
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period of the nine-story building.

4.5.2 Seismic Analysis Results

The seismic analysis results of the nine-story nonductile building are presented in
tables 4.7. The table shows the global performance parameters of the building for each of the
ground motion records when scaled to different PGA levels.

Tables 4.8 and 4.9 summarize the distribution of the story drift and the damage indices
D, of the various stories due to the application of the different ground motion records,
respectively. The results indicate that the story drift ratios of the nine-story building are more
uniformly distributed than in the case of the three-story building. The value of v calculated
for the nine-story building is equal to 0.30 which is lower than that of the three-story building
(v=0.43). The participation of several of the building stories in the overall inelastic
deformation as well as the value of the parameter v give an indication of the uniformity in the
developed plastic mechanism of the nine-story building. Examination of the plastic hinging
sequence indicates that the plastic mechanism of the nine-story building is close to that of a
beam hinging type.

The distribution of the maximum story shear of the nonductile nine-story building
when subjected to the maximum PGA levels of the various ground motion records is
presented in table 4.10. The maximum base shear coefficient of the nine-story building ranges
from 0.072 to 0.115. The nine-story building exhibited significantly lower levels of base shear
coefficient as compared to the three-story building. This is attributed in part to the increase

in the nine-story building weight along with the small corresponding change in the base shear
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capacity. The floor beams of the nine-story building have the same details and dimensions as

those of the three-story building.

4.5.3 Variation of the Building Performance Parameters With the PGA Level

Figures 4.11 to 4.14, show the relationships of the mean and the mean plus standard
deviation values of the roof drift ratio, the story drift ratio and the damage indices D’ and D,
with the PGA level, respectively. The figures indicate that the nine-story building sustained
higher PGA level than the three-story building. This behaviour is expected because of the
lower seismic demand for the nine-story building as compared to that of the three-story
building as discussed in subsection 4.5.1.

The standard deviations in the PGA-roof drift ratio relationship reached about 60%
which indicates the poor correlation between the PGA level and the building seismic
performance parameters as in the case of the three-story building. This means that the
building inelastic seismic performance is strongly dependent on the specific record
characteristics. For meaningful statistical analysis with reduced standard deviation, a large

number of records should be used.

4.5.4 Building Damage

The relationships between the building deformations and the level of damage indices
are presented in figures 4.15 to 4.18. Figures 4.15 and 4.16 represent the roof drift-D,” and
the story drift-D,” relationships, respectively. Figures 4.17 and 4.18 represent the roof drift-

D, and the story drift-D, relationships, respectively. The deviations in figures 4.15 to 4.18
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indicate that the relationship between the deformation and damage is dependent on the
specific record characteristics. Different earthquakes with different frequency contents and
different durations cause different damage at a specific deformation level. Comparing figures
4.15 to 4.18 with the damage-deformation relationships of the three-story building shown in
figures 4.7 to 4.10 indicates that the deformation-damage relationships are dependent on the
building height. Different buildings with different heights may experience different modes of
failures leading to significant variation in the experienced damage corresponding to a certain
deformation level.

The distribution of the story damage indices for the nine-story building summarized
in table 4.9 indicates that the third and fourth stories of the building experienced higher level
of damage as compared to the other building stories. This observation is true for most of the
selected twelve ground motion records. The level of damage of the top three stories was
relatively small. Damage to the nine-story building was attributed mainly to hinging of the
column base as well as beam hinging due to pullout of the bottom reinforcement and yielding

of the top reinforcement.

4.6 BEHAVIOUR CHARACTERISTICS OF LOW AND MEDIUM-RISE
NONDUCTILE BUILDINGS

The analysis results obtained in sections 4.4 and 4.5 indicated that the low-rise
nonductile building suffered from a soft story plastic mechanism under the effect of lateral
load leading to the concentration of damage in the first story of the building. The behaviour

of this type of structure will be influenced by the performance of the columns of the soft story.
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On the other hand, medium-rise buildings have stronger columns in the bottom stories than
in the case of low-rise buildings, while there is no significant changes in the beam strengths.
This will lead to the development of a plastic mechanism close to that of a beam hinging type.
The development of such plastic mechanism will lead to the participation of several of the
building stories in the overall inelastic deformation and therefore improve the overall building
ductility. The damage experienced at specific deformation level is expected to be lower than
that of low-rise buildings with soft story mechanism.

4.7 RESPONSE OF THE THREE-STORY BUILDING USING THE SIMPLIFIED
PROCEDURE

The simplified dynamic analysis of the three-story building was carried out using two
different SDOF systems (elastic and inelastic). The dynamic analysis was carried out using
the twelve ground motion records described in section 4.3. The PGA scale factors are the
same as those used in the inelastic dynamic analysis of the three-story building. The damping
ratio used in the equivalent SDOF models was taken as 2.0%. The force-displacement
relationships of the three-story building were obtained by performing a static pushover
analysis using uniform and code lateral load distributions.

For the elastic SDOF model, the lateral displacement profile vector, {¥), is
determined in the first loading increment of the pushover analysis. The properties of the
model are calculated as follows:

(i) case of code lateral load distribution

{¥ 1"={0.39, 0.76, 1.0}

{S1"'={0.155, 0.310, 0.535}
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M= {PIT MKP} = 1.73 x (story mass) = 981,256 kg

L’= {P)" [MHl} = 2.15 x (story mass) = 1,219,480 kg

V'=V{P}" {S}=0.83V @“4.1)
(ii) case of uniform lateral load distribution

{P J*={0.45, 0.81, 1.0}

{S'={1/3, 1/3, 1/3}

M'= {P)T [MKP} = 1.86 x (story mass) =1,054,992 kg

L*= {P)T [MK1} = 2.26 x (story mass) = 1,281,872 kg

=V{PIT {S}=0.75V 4.2)
The matrix [M] is diagonal and all its components are equal to the story mass. The base shear
coefficient V is obtained from lateral force-roof displacement relationship of the building as
determined from the static pushover analysis. The hysteretic parameters of the force-
displacement relationship of the SDOF model were selected to obtain the same cyclic
response as that of the MDOF system under the effect of lateral loading.

For the inelastic SDOF model, the lateral displacement profile vector, (¥}, is
determined from the pushover analysis at 1.0 % roof drift ratio. The properties of the model
are calculated as follows:

(i) case of the code lateral load distribution

{¥ T ={0.56, 0.88, 1.0}

{SI™={0.155, 0.310, 0.535}

M’= 2.09 x (story mass) = 1,185,448 kg

L°=2.44 x (story mass) = 1,383,968 kg
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V'=0.89V 4.3)

(ii) case of uniform lateral load distribution

{(P,IT ={0.72, 0.92, 1.0}

{SIT =(1/3, 1/3, 1/3}

M’= 2.36 x (story mass) = 1,338,592 kg

L°= 2.64 x (story mass) = 1,497,408 kg

V'=0.88V “4.4)

A comparison between the predictions of the simplified evaluation approach and those

of the MDOF model are shown in figures 4.19 to 4.22 for the case the code lateral loading.

The figures represent the relationships between the predicted story drift ratio and four

response factors C,, C,, C, and C,. The response factors are defined as:

1

roofdrift ofthe SDOF system c. - Story drift of the SDOF system

roof drift ofthe MDOF system’ 2 storydrift ofthe MDOF system
D, ofthe SDOF system _ D, ofthe SDOF system (4.5)
D, oftheMDOF system’ ‘D, oftheMDOF system

In each plot, a dot represents a comparison of the calculated response parameter for a

particular earthquake record. If the dot is above the horizontal line (C;=1.0), then the SDOF

model over-predicts the MDOF response; if the dot is below the horizontal line (C,=1.0), then

the SDOF model under-predicts the MDOF response. The mean and standard deviation of

the four response factors C,, C,, C,, C, are shown on figures 4.19 to 4.22. On average, the

results indicate that the simplified approach slightly overestimated the building response

parameters when using the code lateral loading. The mean and standard deviation of the
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response factors C,, C,, C;, C, in case of the uniform lateral load distribution are
summarized in table 4.11. The results indicate that using the uniform lateral load distribution
significantly overestimated the building maximum story drift and damage indices. For the
case of the three story building, the predictions of the simplified approach in case of the code
lateral loading have lower standard deviations than the predictions when using the uniform

distributed lateral loading.

4.8 RESPONSE OF THE NINE-STORY BUILDING USING THE SIMPLIFIED
PROCEDURE

The simplified equivalent SDOF dynamic analysis of the nine-story building was
carried out using the same approach that was described in the case of the three-story building.
The properties of the elastic SDOF model was calculated as follows:

(i) case of the code lateral load distribution

{¥_}T ={ 0.08, 0.20, 0.33, 0.46, 0.59, 0.71, 0.83, 0.93, 1.0}

{SIT ={0.02, 0.04, 0.06, 0.08, 0.09, 0.11, 0.13, 0.15, 0.33}

M’ = 3.78 x (story mass) = 2,144,016

L’ =5.13 x (story mass) = 2,909,736 kg

V=077V (4.6)
(ii) case of uniform lateral load distribution

{PJT={0.11,0.27, 0.41, 0.56, 0.69, 0.80, 0.89, 0.96, 1.0

{SIT ={1/9, 1/9, 1/9, 1/9, 1/9, 1/9, 1/9, 1/9, 1/9}

M’ = 4.41 x (story mass) = 2,501,352
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L*=5.70 x (story mass) = 3,233,040 kg

V=063V 4.7
The properties of the inelastic SDOF model was calculated as follows:
(i) case of the code lateral load distribution

{P,}T={0.08, 0.23, 0.42, 0.62, 0.77, 0.87, 0.93, 0.98, 1.0}

{SIT ={0.02, 0.04, 0.06, 0.08, 0.09, 0.11, 0.13, 0.15, 0.33}

M’=4.78 x (story mass) =2,711,216 kg

L°=5.89 x (story mass) = 3,340,808 kg

V=084V (4.8)
(i1) case of uniform lateral load distribution

{P,1"={0.12, 0.33, 0.56, 0.75, 0.87, 0.93, 0.96, 0.99, 1.0}

{SIT={1/9, 1/9, 1/9, 1/9, 1/9, 1/9, 1/9, 1/9, 1/9}

M’=5.52 x (story mass) = 3,130,944 kg

L°=6.50 x (story mass) = 3,686,800 kg

V=072V 4.9)

A comparison between the predictions of the simplified evaluation approach and those
of the MDOF model is presented in figures 4.23 to 4.26 for the code lateral load distribution.
The mean and standard deviation of the four response factors C;, C, C,, C, are shown on
the figures. On average, the results indicate that the simplified approach with code lateral
loading overestimated the roof drift ratio of the building and underestimated the story drift
ratio and the damage indices. The mean and standard deviation of the response factors

C,, C,, C,, C, in case of the uniform and code lateral load distributions are summarized in
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table 4.11. The mean and standard deviation levels of the response factors in case of uniform
lateral load distribution are very close to those obtained when using the code lateral load
distribution. Performing the simplified approach using uniform or code lateral loadings in case

of the nine-story building will yield approximately the same results.

4.9 LIMITATIONS OF THE SIMPLIFIED APPROACH
The formulated simplified approach has the advantage of providing approximate

predictions of the seismic performance of the MDOF nonductile buildings with significantly

less computational effort. The approach is capable of accounting for the behaviour of
nonductile buildings with soft story plastic mechanism. This was achieved in the calculations
of the lateral displacement profile vector {¥}. The distribution of the lateral displacement has

a significant effect on the properties of the SDOF model. The simplified approach also takes

into account the effect of the P-A on seismic response of the structures. The limitations on

the applicability of the simplified approach due to the assumptions made in the derivation are
summarized as follows:

1. The simplified approach was applied to nonductile buildings with number of stories
up to nine. For higher buildings, the accuracy of the simplified approach is not
expected to remain within the range obtained in the current study because of the
contribution of the higher modes.

2. The application of the simplified approach is limited to the case of buildings with
equal story height and uniform distribution of mass along the building height.

3. The simplified approach is incapable of predicting the level of PGA that causes the
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structure collapse.

4.10 SUMMARY

Two nonductile RC buildings, three- and nine-stories, were selected to represent low-
and medium-rise existing nonductile RC buildings. The seismic response of the buildings was
evaluated using selected twelve ground motion records. The results of the dynamic analysis
indicated the development of a soft story plastic mechanism in case of the three-story
building. For the case of the nine-story building, the plastic mechanism was close to that of
a beam hinging type which led to the participation of several of the building stories in the
overall inelastic deformation.

The relationships between the mean values of the seismic performance parameters of
the two nonductile buildings and the PGA level of the ground motion records were presented.
In some cases, high standard deviations in the building performance parameters were
observed which indicate that the response is dependent on the characteristics of the specific
record used.

The simplified approach was applied for evaluating the seismic performance of the
nonductile buildings. The results were found dependent on the lateral load distribution used
in determining the structure static response. It was found that in general, the code lateral load
distribution yields better results than the uniform load distribution. The application of the
simplified approach is limited to the case of buildings with equal story height and uniform

distribution of mass along the building height whose response is dominated by the first mode.



114

Table 4.1 Earthquake data and site information for the selected ground motions.

Rec.| Earthquake Date Epic. Site Soil A V | A’V | Dur.
No. Dist., km type | (8) | (m/s) (s)
1 Parkfield, June 27, 7 Temblor, Rock | 0.27 | 0.15 | 1.86 | 5.62
California 1966 No.2
2 Nahanni, Dec. 23, 8 Site 1, Rock| 1.10 | 046 | 2.38 | 7.92
Canada 1985 Iverson
3 | Impenal Valley, | May 18, 8 El Centro Stiff | 0.35 ] 0.33 | 1.04 |24.42
California 1940 Soil
4 Kern County, |July 21, 56 Taft Lincoln |Rock | 0.18 | 0.18 | 1.01 |28.86
California 1952 School Tunnel
5 San Fernando, | Feb. 9, 35 Hollywood Stiff { 0.21 | 0.21 | 1.00 |13.22
California 1971 Storage P.E. Lot | Soil
6 San Fernando, | Feb. 9, 41 234 Figueroa St_,| Stiff | 0.20 1 0.17 | 1.19 |11.28
California 1971 L.A. Soil
7 | Monte Negro, |Apr. 15, 17 Albatros Hotel, {Rock | 0.17 { 0.19 | 0.88 {12.22
Yugoslavia 1979 Ulcinj
8 Long Beach, [Mar. 10, 59 [Subway Terminal,| Rock | 0.10 | 0.24 | 0.41 |23.98
California 1933 L.A.
9 |[Lower California|Dec. 30, 58 El Centro Suff | 0.16 | 0.21 | 0.77 |21.10
1934 Soil
10 | San Fernando, | Feb. 9, 40 2500 Wilshire | Stiff | 0.10 | 0.19 | 0.52 |11.66
California 1971 Bivd., L A. Soil
11 |Near E. Coast of|May 16,] 290 |Muroran Harbor | Stiff | 0.23 | 0.33 | 0.68 [33.38
Honshu, Japan | 1968 Soil
12 Mexico Sep. 19, 135 Zihuatenejo, |Rock | 0.10 | 0.16 | 0.65 |19.74
1985 Guerrero Array
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Table 4.2 Free vibration characteristics of the existing buildings

Building First mode Second mode
Period (sec.) Modal mass* Period (sec.) Modal mass*
Three story 0.99 0.90 0.32 0.08
Nine story 2.26 0.79 0.79 0.11

* As a fraction of the building total mass
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Table 4.3 Elastic spectral forces corresponding to the fundamental
periods of the existing buildings

Rec. Earthquake Elastic spectral force (V/W)
No. (PGA=1.08) Three story Nine story
1 Parkfield, California 0.54 0.21
2 Nahanni, Canada 0.43 0.10
3 Impenial Valley, California 1.85 0.62
4 Kemn County, California 1.09 0.40
5 San Fernando, California 1.33 0.45
6 San Fernando, California 1.04 0.44
7 Monte Negro, Yugoslavia 1.30 0.60
8 Long Beach, California 2.14 2.31
9 Lower California 1.41 0.41
10 San Fernando, California 3.61 0.68
11 Near E. Coast of Honshu, 1.20 0.27
Japan
12 Mexico 2.31 1.52
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Table 4.4 Global seismic response parameters of the three-story building

Record | Earthquake | PGA |Roof drift |Story drift| D, D,
No. (® ratio, % | ratio, %
0.22 0.33 0.40 0.00 0.00
Parkfield,
1 California 0.66 0.80 1.16 0.11 0.49
1.10 1.61 291 0.49 0.73
0.34 0.47 0.57 0.00 0.08
2 Nahanni, |, 5 0.90 2.02 0.28 0.59
Canada
1.70 1.35 2.76 0.52 0.79
0.08 0.40 0.56 0.00 0.07
Impenial
3 valley, | 024 | 0.70 1.22 0.12 0.42
California
0.40 1.38 2.61 043 0.71
0.11 0.34 0.40 0.00 0.01
Kemn County,
4 California 0.33 091 1.30 0.16 0.56
0.54 1.35 3.26 0.73 0.79
0.07 0.27 033 0.00 0.00
s [fanFemando( ,,, 0.69 1.04 0.08 0.36
California
0.35 1.67 3.16 0.52 0.74
0.08 0.25 0.30 0.00 0.00
San Fernando,
6 California 0.24 0.54 0.80 0.02 0.24
0.40 1.10 2.31 0.35 0.68
0.09 0.34 0.42 0.00 0.01
7 [MonteNegro, .5 | 72 1.23 0.12 0.43
Yugoslavia
0.45 1.26 3.00 0.76 0.77
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Table 4.4 (continued) Global seismic response parameters of the three-story building

Record | Earthquake | PGA |Roof drift Story drift| D, D,

No. () ratio, % | ratio, %
0.04 0.20 0.26 0.00 0.00
g |LongBeach | ,,, 0.58 0.91 0.05 0.28

California
0.16 1.30 3.19 0.71 0.67
0.09 0.35 0.49 0.00 0.04
Lower
9 California 0.27 0.95 1.60 0.19 0.55
0.46 1.10 2.67 0.59 0.78
0.05 0.47 0.63 0.00 0.12
jo [oanFemando, ¢ 0.86 1.74 0.21 0.56
California
0.23 1.33 2.82 0.50 0.67
0.10 0.40 0.52 0.00 0.06
[Near E. Coast
11 of Honshu, | 0.29 0.96 1.48 0.16 0.56
Japan

0.48 1.47 2.59 0.39 0.73
0.04 0.26 0.37 0.00 0.00
12 Mexico 0.12 0.65 1.08 0.08 0.38

0.20 1.12 2.60 0.58 0.76
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Table 4.5 Story drift ratios and story damage indices of the three-story building

Story drift ratios, % Story damage indices (D))
Record | Earthquake | PGA
No. (8) First | Second | Third D, D, D,
story story | story
022 | 040 | 038 | 028 | 0.00 | 0.00 | 0.00
Parkfield, 2

1 California | 066 | 1.16 | 087 | 078 | 058 | 040 | 043

1.10 | 291 135 | 095 | 084 | 058 | 046

034 | 052 | 057 | 042 | 0.10 | 009 | 0.03

2 Nahanni, |, > | 502 | 081 | 050 | 076 | 027 | o.08
Canada

170 | 276 | 124 | 053 | 089 | 061 | 0.14

, 008 | 056 | 044 | 024 | o011 | 0.07 | 001
Imperial

3 Valley, 024 | 122 | 077 | 045 | 060 | 027 | 004
California

040 | 261 124 | 054 | 083 | 054 | 0.12

011 | 040 | 038 | 026 | 001 | 001 | 000

4 |KemCounty,| )20 | 150 | 120 | 061 | 061 | 0.58 | 020
California

054 | 326 | 165 | 080 | 087 | 072 | 020

007 | 033 | 030 | 021 | 000 | 000 | 0.00

s [SanFemandoj (., | ;04 | 072 | 042 | 050 | 029 | 003
California

035 | 316 | 175 | 044 | 084 | 065 | 0.15

008 | 030 | 028 | 021 | o000 | 0.00 | 0.00

¢ [SanFemando} oo, | 580 | 062 | 041 | 037 | 015 | 0.03
California

040 | 231 103 | 044 | 082 | 050 | 007

009 | 042 | 038 | 024 | 001 | 0.02 | 0.00

7 [MonteNegro,| 0 | 153 | 067 | 036 | 061 | 0.24 | 0.03
Yugoslavia

045 | 300 | 095 | 054 | 088 | 049 | 0.10
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Table 4.5 (continued) Story drift ratios and story damage indices of the three-story building

Story drift ratios, % Story damage indices (D))

Record | Earthquake | PGA
No. ® First | Second | Third D, D, D,

story | story | story
0.04 0.26 0.22 0.12 0.00 0.00 0.00

g |LongBeach,| . | 55, | 060 | 031 042 | 0.19 | 0.03
California

016 | 319 | 089 | 037 | 080 | 048 | 0.08

009 | 049 | 040 | 026 | 0.06 | 005 | 0.01
Lower

9 Catifornia | 027 | 160 | 105 | 049 | 071 | 048 | 0.07

046 | 267 | 108 | 044 | 089 | 050 | 0.06

005 | 063 | 052 | 028 | 020 | 009 | 0.01

jo [PanFemando,| o | 154 | 069 | 037 | 074 | 026 | 0.02
California

023 | 282 | 106 | 036 | 082 | 042 | 0.05

010 | 052 | 046 | 03 008 | 007 | o0.01

INear E. Coast 2

11 | ofHonshu, | 029 | 1.48 121 | 054 | 069 | 053 | 0.11
Japan

048 | 259 | 145 | 050 | 084 | 059 | 0.13

004 | 037 | 029 | 0.18 | 0.00 | 0.00 | 0.00

12 Mexico 012 | 108 | 060 | 030 | 056 | 0.19 | 0.03

0.20 2.60 0.86 0.36 0.88 0.52 0.08
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Table 4.6 Story shear distribution of the three-story building

PGA | (Story shear) / (Building weight)
Record | Earthquake () -
No. First story| Second |Third story
story
1 Parkfield, 1.10 0.152 0.135 0.141
California
2 Nahanni, 1.70 0.151 0.138 0.113
Canada
3 Impenial Valley, | 0.40 0.149 0.137 0.113
California
4 Kemn County, 0.54 0.151 0.151 0.123
California
5 San Fernando, 0.35 0.150 0.140 0.093
California
6 San Fernando, 0.40 0.150 0.137 0.108
California
7 Monte Negro, 0.45 0.155 0.137 0.114
Yugoslavia
8 Long Beach, 0.16 0.151 0.130 0.079
California
9 Lower California| 0.46 0.157 0.132 0.106
10 San Fernando, 0.23 0.148 0.123 0.091
California
11  |Near E. Coast of| 0.48 0.149 0.138 0.111
Honshu, Japan
12 Mexico 0.20 0.151 0.125 0.082
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Table 4.7 Global seismic response parameters of the nine-story building

Record | Earthquake | PGA |Roof drift | Story drift D, D,
No. ® ratio, % | ratio, %
0.3Ss 0.29 0.57 0.01 0.24
Parkfield,
1 California 1.05 0.90 1.60 0.21 0.66
1.75 1.23 2.33 0.31 0.85
0.60 0.30 0.78 0.01 0.17
2 Nahanni, |, g, 0.83 1.78 022 0.72
Canada
3.00 1.33 2.64 0.40 0.81
0.15 0.46 0.69 0.02 0.30
Impenal
3 Valley, 0.45 0.95 1.71 0.23 0.72
California
0.75 1.92 3.37 0.55 0.77
0.13 0.28 0.45 0.01 0.14
Kern County,
4 California 0.39 0.72 1.37 0.22 0.56
0.65 1.41 2.61 041 0.76
0.09 0.20 0.31 0.00 0.00
San Fernando,
5 California 0.26 0.62 1.36 0.15 0.55
0.43 1.50 2.79 0.38 0.86
0.11 0.24 0.34 0.01 0.06
¢ [fanFemando) .5 f 55 2.04 0.22 0.70
California
0.55 1.49 2.83 037 0.85
0.15 0.44 0.83 0.05 0.37
7 MonteNegro,| .5 | | g 2.14 027 0.77
Yugoslavia
0.75 1.47 2.71 0.56 0.82
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Table 4.7 (continued) Global seismic response parameters of the nine-story building

Record | Earthquake | PGA |Roof drift | Story drift D, D,
No. ® ratio, % | ratio, %

0.05 0.42 0.71 0.02 0.29

Long Beach,
8 California 0.15 1.06 2.30 0.24 0.77
0.24 1.90 3.66 0.54 0.83
0.20 0.30 0.62 0.03 0.28

Lower

9 California 0.60 0.66 1.41 0.25 0.74
1.00 1.65 3.14 0.56 0.79
0.08 0.25 041 0.01 0.09

San Fernando,
10 California 024 0.63 1.27 0.17 0.49
0.40 1.75 2.94 0.50 0.83
0.16 022 0.50 0.00 0.08

Near E. Coast
11 of Honshu, | 0.48 0.62 1.14 0.17 0.64

Japan

P 080 | 1.64 3.03 0.50 0.79
0.09 0.40 0.69 0.03 0.30
12 Mexico 0.27 0.76 1.67 0.22 0.71

045 1.77 3.26 0.49 0.84
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Table 4.8 Story drift ratios of the nine-story building

Record | Earthquake | PGA Story drift ratios, %
No. ® [« [ [ 3w a2 se [ ] 72 | g2 | oo
035 |036 |054 049 |051 |057 |046 |0.42 043 |033
Parkfield, .
1 California | 1.05 |083 |1.38 |160 |1.56 |1.15 |0.90 |0.72 |0.85 |0.58
175 {1.11 |204 {233 218 [1.92 {149 |157 |1.02 |0.72
060 |032 |047 042 |036 |039 |0.47 |0.78 |0.60 |039
2 Nahanni, | g6 |o01 |1.51 |1.78 [1.61 {1.22 |092 |1.16 |0.85 |0.74
Canada
300 |1.24 |189 |222 |264 |236 |1.57 |2.36 |1.38 |0.56
, 0.15 |036 |0.57 |058 [0.59 [0.69 |0.65 |0.64 |0.45 |0.26
Impenial
3 Valley, 045 |065 [1.29 |165 |1.71 |1.54 |1.12 | 1.09 |0.66 |0.58
Californi
oA 1075 175 |2.72 |3.29 |337 |3.14 | 2.41 | 1.67 |0.95 |0.56
0.13 |0.30 {045 038 035|035 |033 |0.39 [036 |026
4 |KemCounty,| o215 1061 [1.05 {118 {137 [1.22 |1.01 |0.94 |080 {040
California
065 |095 [1.93 [240 |261 |2.51 |2.09 |1.41 |0.70 |0.50
0.09 (020 |0.26 [024 |026 |024 |0.24 |031 |029 |0.17
s [SanFemmando} .o |560 |1.16 [136 [1.22 [0.91 |0.99 |0.96 |0.82 |0.40
California
043 (099 |197 |250 [2.79 |2.48 |2.00 |1.46 |091 |037
0.11 |023 {034 (032 (032 031 029 |031 |025 [0.17
¢ (SanFemando| )25 159, 178 [204 |1.78 |1.26 |0.78 |0.68 |0.53 |034
California
055 |1.14 |228 [283 |278 |234 |1.58 |0.93 |0.57 |0.46
0.15 044 076 |083 |0.77 |0.57 037 |0.40 [037 |0.26
7 [MonteNegro,|  4c |104 [191 [2.14 1208 |1.77 [ 1.09 |0.75 |0.71 |0.45
Yugoslavia
075 |1.40 230 |259 [2.71 {259 | 187 |1.17 [084 |057
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Table 4.8 (continued) Story drift ratios of the nine-story building

PGA Story drift ratios, %
Record | Earthquake (3]
No. 1" 2~ 3 4* 5® c* 7* g® gt
005 |035 |o61 |069 [0.71 |054 |035 |0.37 |0.29 |o0.16
g |LongBeach, [ 5,c 1501 1190 |230 [2.13 [1.33 |oss |0.75 | 0.48 |0.29
California
024 [1.19 |2.56 1338 |3.66 |3.36 |230 |1.33 |0.59 |0.35
020 |0.39 |062 |058 [053 {045 |039 |0.57 |0.53 |0.27
9 Lower 060 |o61 {102 |1.29 [1.41 |1.34 [1.20 {092 |0.83 |0.39
California
100 |[1.64 {242 |287 |3.14 |269 |1.89 |1.24 [0.89 |0.59
008 [022 |034 |0.36 |041 |032 028 |039 |0.33 021
jo [SanFemando,) ., 1,50 (079 |ose [1.03 |127 |127 |101 |0.73 034
California
040 |1.19 |2.16 |2.59 |2.81 | 281 |294 |2.86 |0.92 |0.37
0.16 032 |043 |0.32 |030 |030 {033 |0.50 |038 |0.24
Near E. Coast
11 | ofHonshu, | 0.48 |056 |1.03 |1.11 [1.14 |1.11 094 |1.11 {085 |054
J
apan 080 |1.65 |2.60 [3.03 |293 |2.19 {158 | 135 097 |0.68
009 |0.39 |0.66 |0.68 |0.69 [0.51 |039 |042 |031 |0.19
12 Mexico | 027 079 |137 |152 [167 1129 |0.75 {063 |0.53 | 039
045 (095 |1.95 |2.49 [2.93 |3.26 |291 {196 |0.96 |0.49
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Table 4.9 Story damage indices of the nine-story building

Record | Earthquake | PGA Story damage indices (D))
No.
° ® [« [ [ 30 [ a2 [so[62 | 7 | 82 | oo
035 |025 |033 035 |o. 0.28 |0.17 |0.03 |0.00 |0.00
Parkfield, 3 31 |o028 |0.17 |o

1 California | 1.05 |0.66 |0.75 {079 |0.76 |0.69 |047 |0.13 |0.15 |0.13

1.7 (084 |088 |091 |090 [088 |0.81 |0.58 |035 |[033

060 022 027 |024 |0.16 |0.12 {0.15 |0.12 |0.06 |0.01

2 Nahanni, |, ¢5 1073 |oso |083 |0s80 |071 {051 [0.29 |0.15 |0.16
Canada

300 079 084 |087 |086 |083 |0.76 |0.66 |039 |0.15

, 0.15 1028 |037 |041 {037 |036 |0.29 |0.12 [0.02 |0.00
Imperial

3 Valley, 045 |063 |0.75 |080 079 |0.78 |0.74 |0.56 |0.13 |0.08
California

0.75 |0.76 |0.80 |0.84 |083 |081 [0.76 |0.57 |0.38 |0.09

0.13 023 029 |025 |0.13 |0.07 |0.03 |0.01 |0.00 |0.00

4 |KemCounty,| 35 1649 (060 |067 |065 |0.64 |0.56 |0.26 |0.12 |0.00
California

0.65 |0.70 |0.80 |085 |084 |080 |0.690 |0.40 |0.12 |0.03

0.09 [0.00 |0.00 |0.00 |0.00 {000 [0.00 |0.00 |0.00 |0.00

s [SanFemando,| ¢ 1553 |066 |0.71 |0.66 |056 |048 027 |0.13 |0.00
California

043 |082 088 |091 091 |090 |086 |0.64 |028 |0.03

0.11 |0.10 |0.14 |0.12 |0.05 {0.01 |0.00 |0.00 |0.00 |0.00

¢ [SanFemando .3 14551 1079 o082 {079 |0.71 051 |0.15 |0.02 |0.00
California

0.55 |083 088 |091 |090 |089 |0.83 |0.60 |0.13 |0.03

0.15 |0.39 o051 [055 1047 |034 |0.15 |0.02 |0.00 |0.00

7 [MonteNegro| . 1676 082 |085 |0.84 082 |0.72 |0.36 |0.07 |0.01
Yugoslavia

0.75 |081 o086 |088 [088 |0.86 |0.80 |0.54 |0.27 |0.06
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Tabie 4.9 (continued) Story damage indices of the nine-story building

PGA Story damage indices (D)
Record | Earthquake ()
No. 1= [ 2% | 3¢ | 42 | s | e» | 70 | gn | o®
0.05 (029 (040 |046 |039 028 |0.12 |0.01 |0.00 |0.00
g |LongBeach |, 5 [55¢ 1084 |087 |085 {079 |0.61 [0.18 |0.02 |0.00
California
024 078 |086 |089 |089 [087 |080 |0.53 |0.10 |0.02
020 035 {044 |046 |037 {023 |0.13 |0.04 |0.02 |0.00
9 Lower 060 [069 {079 |083 |0.81 {079 |0.72 |0.49 {0.16 |0.01
California
1.00 {078 |0.82 |085 |0.84 082 [0.78 |06t |0.25 |0.19
0.08 |0.09 |0.16 |0.20 |0.15 |0.06 |0.01 |0.00 |0.00 |0.00
jo [SanFemando,| ., 1,34 1045 {052 |0.59 |065 |0.59 040 |0.14 |0.01
California
040 077 |084 |087 |0.86 |0.86 |0.86 |082 |034 |0.04
0.16 020 |022 |0.14 |0.03 |0.00 [0.03 |0.04 |0.02 |0.00
Near E. Coast

11 of Honshu, | 0.48 |0.60 |0.71 |0.75 |0.73 |0.71 |0.61 [0.37 |0.20 |0.08

J
apan 080 |0.80 |0.84 |0.87 |0.86 |082 |0.76 [0.57 |0.36 |0.22

0.09 |0.33 |044 1047 {040 |030 |0O.16 |0.03 [0.00 |0.00
12 Mexico 0.27 |0.66 [0.76 }0.81 |0.80 |0.77 [0.64 |0.21 |0.03 |0.00
045 |0.78 [0.85 {0.88 |0.89 |0.89 |0.87 {0.73 |0.34 |0.05
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Table 4.10 Story shear distribution of the nine-story building

Record PGA (Story shear) / (Building weight)

1 Parkfield, 1.75 |0.12 |0.092 0.088 0.082 0.078 [0.075 10.057 l0.054 |0.048
California

2 Nahanni, 3.00 [0.110 [0.090 J0.081 [0.067 [0.058 [0.057 |0.060 |0.046 0.044

Canada

3 | Imperial Valley, | ¢ 10.100 [0.077 0.075 0.071 /0.059 }0.057 [0.052 0.049 [0.039

California
4 Kemn County,

Califormis 0.65 10080 0.068 0.069 [0.072 [0.071 [0.055 [0.047 lo.044 10.037

> | SanFemando, | , o 1) 473 l0.065 l0.057 }0.057 10.051 k0.052 l0.052 lo.044 l0.032
California

6 San Fernando,

ernan 0.55 }0.076 [0.066 [0.058 0.057 [0.052 10.053 0.048 0.044 0.039
California

7 Monte Negro, | , ;5 |y 101 }0.075 [0.073 10.076 0.074 |0.056 l0.053 }0.048 |0 041
Yugoslavia

8 Long Beach, | 4 15072 l0.065 |0.058 l0.053 }0.048 l0.045 }o.044 10.039 (0.027
California

9  |Lower California| 1.00 10.114 [0.086 0.088 0.086 [0.077 [0.069 |0.054 |0.049 0.042

10| SanFemando, | . |y 090 }0.069 10.060 J0.056 l0.059 fo.058 lo.054 lo.043 lo.028
California

1 |NearE. Coastof| o 101 |0.076 l0.068 J0.070 [0.062 [0.058 [0.049 [0.050 0.041

Honshu
12 Mexico 0.45 [0.089 |0.074 [0.069 |0.056 [0.058 J0.055 [0.048 [0.045 [0.034
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Table 4.11 Mean and standard deviation of the repose factors of the simplified approach

Case Item Response factor
G c, c, C.
Three-story, Mean 1.09 1.0 1.14 1.09
Codeloading  I"¢; deviation | 0.12 0.15 0.25 0.17
Three-story, Mean 1.05 1.16 1.42 1.29
Uniformloading 17, " teviation | 0.12 0.25 0.52 0.23
Nine-story, Mean 1.08 0.86 0.89 0.96
Codeloading "¢ " jeviation | 0.19 0.19 0.21 0.17
Nine-story, Mean 1.06 0.97 0.88 0.99
Uniform loading |7 " e viation | 0.19 0.22 0.22 0.19
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CHAPTER §
REHABILITATION OF RC BUILDINGS USING CONCENTRIC

STEEL BRACING

5.1 INTRODUCTION

To enhance the seismic performance of existing nonductile reinforced concrete
buildings, steel braces may be inserted in the frame openings to increase the building stiffness
and load carrying capacity. Examples of concentric steel bracing patterns that can be used
include X-bracing, V-bracing and inverted V-bracing.

The seismic performance of the nonductile three-story reinforced concrete building
described in Chapter 4 was studied when the building is rehabilitated using concentric X-
bracing. For accessibility and ease of installation, the steel bracing is installed in the exterior
frames of the building. Steel bracing members were modelled using a phenomenological
model that accounts for steel yielding in tension and buckling in compression. The brace
model was implemented into the DRAIN-2DX computer program.

The building was modelled as a series of planar frames connected at each floor level
by rigid diaphragms. The effect of the arrangement of the steel bracing on the seismic
behaviour of the rehabilitated building was evaluated. Steel bracing distributions along the
frame height and along the frame bays were investigated. The dynamic analysis was
conducted using the twelve ground motion records presented in Chapter 4. The effect of the

geometric nonlinearity (P-A) was included in the analysis. The impact of steel bracing on the
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levels of axial and shear forces developed in the rehabilitated building columns is evaluated.
The effect of the amount of bracing and brace distribution along the frame height on the

damage-deformation relationship of the rehabilitated buildings is studied.

5.2 DETAILS OF BRACE CONNECTIONS

The detail of the connection between the concentric X-bracing and the RC frame
members is shown in figure S.1. The force in the bracing member is transferred to the RC
frame by means of steel plates attached to the ends of the RC columns and beams. The steel
plates surrounding the beams are anchored through the concrete section while the steel plates
of the column are welded together. The load of the bracing member is distributed to the beam
and the column plates through a gusset plate. The steel plates attached to the ends of the RC
columns may provide some confinement to the concrete. However this confinement will be
limited to small number of the building columns and is expected to have minor effect on the

overall building performance.

5.3 STEEL BRACE MODEL

Several models have been developed to represent the inelastic buckling behaviour of
steel brace members. These models can be divided into two main types; finite element models
(Fujimoto et al., 1973), and phenomenological models (Roder and Popov, 1977, Jain and
Goel, 1978; Ikeda et al., 1984; Remennikov and Walpole, 1995). In the current study, the
Jain and Goel model (1978) shown in figure 5.2, was chosen to represent the inelastic

buckling behaviour of steel braces. In the figure, the load level "P," represents the load
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capacity of the bracing member in tension, "P." corresponds to the buckling load capacity
under monotonic loading and it can be reached once during the entire loading history. After
the member buckles at the load level "P_." the member will have a load-displacement
relationship with negative slope (segment 1-2) as shown in the figure. Point "2" is defined
by the residual buckling capacity "P," and a compression displacement equals five times the
yield displacement in tension "A,". Upon reversal of the loading direction at point “3" and
reloading in tension, the member follows segments 3-4, 4-5 and 5-6. The location of point
"4" controls the pinching that follows post buckling behaviour of the bracing members. The
model was implemented into the DRAIN-2DX computer program. The model is able to
mimic the behaviour of bracing members with effective slenderness ratio varying from 40 to
120. The behaviour of bracing members with effective slenderness ratio of 40 is closer to the
plastic action range (yielding axially in compression), while the behaviour of bracing members
with effective slendemess ratio of 120 is closer to the elastic buckling range. Although there
are more complex models, the Jain and Goel model strikes a good balance between numerical
simplicity and complex observed experimental behaviour (Badoux, 1987).

In the programming of the Jain and Goel brace element into the DRAIN-2DX code,
two new features are introduced. The first feature provides an "event to event" tracing of the
axial load-axial displacement loops as shown in figure 5.3. The exact deformation value at
which the element enters new zones is detected and the new stiffness is computed, thus
nullifying the unbalanced force induced by the change in the stiffness between different
branches of the element hysteretic loops. Figure 5.3 represents a portion of the load-

displacement relationship of the bracing element. Point "a" represents the current element
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response and point "b" represents a control point similar to points 1, 2, 3, 4, 5 and 6 in figure
5.2. The load increment demand on the element calculated from the equilibrium of the entire
structure using the element stiffness at point "a" is AP. Applying AP directly may lead to the
development of unbalanced force due to the change in the stiffness before and after point "b".
In the "event to event" solution strategy an event factor is computed for each element to
determine the allowable level of load increment. The smallest event factor of all the structure
elements is considered in determining the load increment to be applied to the structure.

A second feature is added to the element to prevent loading of the steel bracing
members during the application of the gravity loads. This is needed since steel bracing
members are added to the nonductile building after its construction. An additional branch
with zero stiffness was added to the hysteretic loops presented in figure 5.2. This additional
branch can be accessed from any point on the hysteretic loops of the bracing element. The
activation of this branch is controlled by a parameter defined in the input file before gravity
loads are applied to the structure. The element can also be returned to the original loops by
changing the value of the parameter after the application of the gravity loads.

The main parameters that govern the hysteretic rules of the bracing model shown in
figure 5.2 are the yield load "P,", the initial buckling load "P_", the residual buckling load "P,"
and the effective length of the bracing member "KL". The initial buckling load "P_." can be
calculated using the provisions of the CSA-S16.1-94. The residual buckling load "P," is
specified as a fraction of the initial buckling load "P_.". It varies from 20% to 60% of "P_"
depending on the effective slenderness ratio of the bracing member (Jain and Goel, 1978).

The following equation was proposed by (Lee and Goel, 1987) for calculating the residual
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buckling load of tubular sections:

P =[04 - 0002sKL1p.  for KL <120 (5.1)
r

r

where K is the effective length factor, L is the length of the bracing member and r is the radius
of gyration of the cross section. Ikeda et al. (1984) provide guidance for calculating the
residual buckling load of sections other than the tubular ones. The effective length factors
for concentric X-bracing are influenced by the rigidity of the end connections and the
connection at the intersection of the two brace members. In the current study, the bracing
members are assumed to be connected at the intersection points. The effective length factors
were taken as 0.5 for in-plane buckling and 0.67 for out- of-plane buckling as suggested by

Pincheira (1992). The effective length factors apply to the full brace length.

5.4 THE STEEL BRACING PARAMETERS

Two parameters were introduced to define the resulting increase in the lateral load
carrying capacity of the rehabilitated building and the distribution of the steel bracing along
the building height. The first parameter "b" defines the increase in the overall lateral load
carrying capacity of the nonductile building due to the addition of steel bracing. This
parameter is defined as the ratio of the lateral load carrying capacity of the rehabilitated
building to the lateral load carrying capacity of the existing building. The lateral load carrying
capacity of the building is determined by conducting a static pushover analysis using the code
lateral load distribution.

A second parameter "b," is used to describe the distribution of the steel bracing along
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the building height. The parameter is defined for each story as the ratio between the algebraic
sum of the lateral load carrying capacities of the steel bracing in the story to the algebraic sum
of the lateral load carrying capacities of the steel bracing in all the building stories. The lateral
load carrying capacity in this case is calculated as (P, cos 0), where "P_" is the load capacity
of the steel brace member in the selected loading direction and is equal to P, or P.. The
inclination angle of the brace member with the horizontal axis is "0". In the case of X-
bracing with all the brace members having a constant angle "0" and the same material
properties, the parameter "b." can be considered as the ratio between the algebraic sum of the
areas of the steel braces in the i® story to the algebraic sum of the areas of the steel braces in

all the building stories.

5.5 BRACE DISTRIBUTION ALONG THE FRAME HEIGHT

The steel bracing may be installed in one or several stories along the height of the
building. The behaviour of four rehabilitation cases R,, R,, R, and R, were evaluated to study
the effect of the brace distribution along the height on the seismic response of the rehabilitated
building. The four rehabilitation cases are shown in figure 5.4. In the bracing case R,, the
brace members are selected as round hollow sections (HSS 114 x 8) and are distributed
uniformly along the frame height. The clear width-to-thickness ratio is less than 14.0 for
ductile behaviour as recommended by Lee and Goel (1987). The brace properties are as
follows:
E=200,000 (MPa) f =350 (MPa) (P,/P)=04I15

(P./P)=0.33 r=37.7 (mm) (KL /r) =113
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where E is Young's modulus and f is the steel yield stress. The parameter "b" for the first
rehabilitation case is approximately equal to 2.0. This represents the case where the lateral
load carrying capacity of the rehabilitated building is twice that of the original structure. For
the other three rehabilitation cases, the brace properties E, £, (P,/ P), (P,/P), r, (KL /r) as
well as the total area of the bracing members are kept constant. The brace distribution
parameter b, is the only variable as shown in figure 5.4 and summarized in table 5.1 for the
four rehabilitation cases. The rehabilitation case R, has a linear distribution of the total
bracing area along the building height instead of the uniform distribution in the first case R,.
In the rehabilitation case R,, the total brace area is distributed in the first two stories of the
building, while in the fourth case of rehabilitation R, the total brace area is distributed only
in the first story. The performance of the four rehabilitation cases is investigated when using

both static cyclic loading and earthquake loading.

5.5.1 Response Under the Effect of Static Cyclic Loading

The static cyclic analysis is a simple approach to study the complex problem of
predicting force and deformation demands imposed on structures and their elements by severe
earthquakes. All the rehabilitation cases shown in figure 5.4 were subjected to the roof
displacement history shown in figure 5.5. The intensity of the cyclic loading was controlled
by the parameter Z. The value of Z was changed between 0.1 to 0.5. The product of Z and
u, represents the roof displacement increment in the loading routine, where u, is the yield roof
displacement. Damage to the rehabilitation cases due to the application of the static loading

was evaluated in terms of the story drift and the strength based damage index D" as shown
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in figures 5.6 and 5.7, respectively. From these figures, it is clear that the bracing distribution
along the frame height has a significant effect on the inelastic response of the rehabilitated
building. Figure S.6 indicates that the renabilitation case R, experienced lower level of story
drift at a specific level of Z by comparison to the other rehabilitation cases. At high levels of
the parameter Z, the damage index D.' for the rehabilitation case R, was significantly lower
than for the other rehabilitation cases. The rehabilitation case R, is superior in its plastic
mechanism by comparison to the other rehabilitation cases as it has uniform distribution of
story drifts and story damage indices D; among all the building stories as shown in table 5.2.
In the rehabilitation case R,, the concentration of deformation mainly in the first story led to
a high level of deterioration in the building lateral load carrying capacity at relatively low
levels of the parameter Z. In the bracing cases R, and R, with steel bracing provided only to
the first one or two stories of the building, most of the building deformation was concentrated
in the unbraced stories. The bracing cases R, and R, experienced high level of story drift and
damage by comparison to the bracing case R,.

The characteristics of the plastic mechanisms of the rehabilitation cases can be
evaluated using the plastic mechanism parameter v presented in Chapter 4. The parameter
v measures the variation in the story drift ratios corresponding to a roof drift ratio of 1.0%
obtained from a static pushover analysis. Low values of v reflect uniform distribution of
plastic behaviour along the height of the structure. A high value represents concentration of
the deformation in one floor. The lower the value of v, the more desirable is the developed
plastic mechanism of the building under the effect of lateral loading. The story drift ratios

corresponding to 1.0% roof drift ratio of the four rehabilitation cases are shown in table 5.3.
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The value of the parameter v for the second rehabilitation case, R,, was the lowest among the
values of the four rehabilitation cases. This indicates a more uniform distribution of story drift

along the building height.

5.5.2 Free Vibration Characteristics

The free vibration characteristics of the four rehabilitation cases are listed in table 5.4.
The change in the free vibration characteristics between the first and the second brace
distribution cases is very small. However, there are significant changes in the fundamental
periods and modal contributions of the third and fourth cases by comparison to those of the
first and the second cases. The change in the free vibration characteristics suggests that the
seismic demands may differ among the four rehabilitation cases. Table 5.5 summarizes the
elastic spectral forces corresponding to the fundamental periods of the four rehabilitation
cases due to the application of the various ground motion records when scaled to PGA level
of 1.0 g. The elastic spectral forces are considered as an approximate relative measure of the
intensity of the seismic demands for each of the rehabilitation cases. In general, an increase
in the seismic demands is expected to occur as a result of the steel bracing rehabilitation. The
only exception to this trend is in the case of San Fernando earthquake (record number 10).
A significant reduction in the elastic spectral force of the ground motion has occurred as a
result of rehabilitation. This is because the dominant period of the ground motion was
approximately equal to the fundamental period of the existing structure. It is recognized that
for each of the rehabilitation cases the seismic demands will depend on the characteristics of

the particular ground motion used.
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5.5.3 Response Under the Effect of Earthquake Loading

The seismic performance of the four rehabilitation cases was studied when subjected
to scaled versions of the Monte Negro earthquake. The dynamic analysis was performed
using a time step increment of 0.005 second and Rayleigh viscous-damping which was defined
to achieve 2.0% damping in the first two natural modes of vibration of the building. Figures
5.8 to 5.10 represent the variation of the roof drift ratio, the story drift ratio and the damage
index D, with the PGA, respectively. Table 5.6 summarizes the story drift and the damage
index distribution of the various stories in the four rehabilitation cases. The results in the
table show that there is a good correlation between the maximum story drift ratio resulting
from the earthquake loading and the level of the parameter v (listed in table 5.3 for the four
rehabilitation cases). The second rehabilitation case with the lowest value of v exhibited the
lowest drift ratio among all the rehabilitation cases, while the fourth rehabilitation case with
the largest value of v exhibited poor performance despite the relatively low seismic demands
as indicated from table S.5.

Figure 5.11 shows examples of the distribution of damage due to the inelastic
response of the existing building and the rehabilitation cases R,, R,, R; and R,. The damage
distribution of figure S.11 was due to the application of the Monte Negro ground motion.
The numbers in the figures show the formation sequence of some selected plastic hinges.
Numbers in italic font are for the column hinges while numbers in regular font are for the
beam hinges. For the case of the existing building PGA=0.45 g), hinging started in the beams
of the first floor due to pullout of the bottom reinforcement and yielding of the top

reinforcement. With the increase in the intensity of the earthquake, damage spread to the
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columns of the first and second stories because of the splice failure at the bottom ends and
yielding of the reinforcement at the top ends. Beam hinging was also observed in the second
floor because of pullout of the bottom reinforcement. Damage to the third story was minimal
by comparison to the first and second stories.

For the rehabilitation cases R, , R,, R, and R, the inelastic response was characterized
by severe column damage because of splice failure at the bottom ends and yielding of the
reinforcement at the top ends. In the rehabilitation case R, (PGA=0.7 g), hinging starts in the
first and second story columns adjacent to the steel bracing members. No damage was
observed in the columns and beams of the third story. Buckling of the steel bracing members
was observed in all the building stories.

In the rehabilitation case R, (PGA=0.7 g), hinging starts in the first and third story
columns and in the beams of the second floor. At the final stage of response, all the building
columns experienced splice failure at the bottom ends and yielding of the reinforcement at the
top ends. The number of plastic hinges in this rehabilitation case was large by comparison to
the case of the existing building and to the other rehabilitation cases. No damage was
observed in the beams of the third floor. Buckling was observed in all the steel bracing
members.

In the rehabilitation case R, (PGA=0.425 g), hinging starts in the third story columns.
All the third story columns experienced splice failure at the bottom ends and yielding of the
reinforcement at the top ends. Damage to the first and second stories was minor by
comparison to the third story. Damage to the beams of the building floors was very limited.

Brace buckling was observed in all the steel bracing members of the first story and in two of



155

the second story brace members.

In the rehabilitation case R, (PGA=0.415 g), hinging starts in the third story columns.
All the second and third story columns experienced splice failure at the bottom ends and
yielding of the reinforcement at the top ends. Damage also was observed in the beams of the
second floor due to pullout of the bottom reinforcement. No damage was observed in the
columns of the first story and in the beams of the first and third floors. Brace buckling was
observed in some of the steel bracing members of the first story.

The seismic response of the two rehabilitation cases R, and R, was determined using
the twelve ground motion records presented in Chapter 4. The seismic performance
parameters of the two rehabilitation cases were related to the PGA level as shown in figures
5.12to 5.15. The figures represent the relationships of the PGA level versus the mean of the
roof drift ratio, the story drift ratio and the damage indices D,' and D,, respectively. The
results shown in the figures indicate that at a specific PGA level, the second rehabilitation case
R, experienced lower levels of deformation and damage by comparison with the first
rehabilitation case R,. This confirms the results obtained when using only the Monte Negro
ground motion record.

From the previous analysis and discussion, it can be concluded that adding steel
bracing uniformly along the height of an existing nonductile building may not represent the
optimum solution. It is possible to improve the plastic mechanism of the rehabilitated building
by special arrangement of the lateral strength distribution along the frame height to force most
of the building stories to contribute to the building overall deformation. This will lead to

significant reduction in the damage level to the rehabilitated building under the effect of
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seismic loading.

The parameter v is useful in evaluating the designed bracing systems and in selecting
the best design. By excluding the effects of the seismic demand differences which resuit from
the changes that may occur in the free vibration characteristics of the rehabilitation cases, it
can be concluded that the lower the parameter, v, the lower is the story drift ratio that will
develop under the effect of an earthquake loading. In the case of the three story building
considered in this chapter, the linear distribution of steel bracing shown in case R, (figure 5.4

b) provided the best bracing scheme.

5.5.4 Effect of Brace Distribution on the Damage-Deformation Relationship

The relationship between the story drift and the damage index D,” for the two
rehabilitation cases R, and R, due to the application of scaled versions of the Monte Negro
earthquake is shown in Figure 5.16. The two rehabilitation cases include the same amount
of steel bracing but with different distributions along the frame height. As shown in the
figure, at a specific story drift ratio, the second rehabilitation case R, experienced lower level
of damage than the first case R,. The reason for this difference in the level of damage is
because the maximum story drift shifted from the first story in the first rehabilitation case to
the second story in the second rehabilitation case as shown in figure 5.17. The building
members in the second story are subjected to lower axial forces by comparison to the building
members in the first story. The resuits indicate that using story drift ratio as a sole measure
of seismic damage is not an appropriate approach for the case of nonductile RC buildings

rehabilitated using steel bracing. Steel bracing arrangement may cause a significant variations
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in the story drift capacity of the rehabilitated buildings.

5.6 BRACE DISTRIBUTION ALONG THE FRAME BAYS

When distributing the steel bracing members along the frame bays the question may
be raised as to whether to concentrate the steel bracing in one bay or to distribute it among
the frame bays. To evaluate these options, two rehabilitation cases R, and R; were
considered. The first rehabilitation case, R,, is the uniform brace distribution case with b =2.0
(figure 5.4a). In the second rehabilitation case, R, all the steel bracing members were added
uniformly along the height in only one bay of the frame as shown in figure 5.4 e. The same
brace cross section of case R, was used in case R in order to eliminate any variations that
may occur in the brace behaviour due to the change of the brace cross section properties. The
two rehabilitation cases were subjected to the static cyclic loading shown in figure 5.5. The
performance of the two cases was compared in terms of story drift, damage indices as shown
in table 5.7. The changes in the story drift ratio between the two rehabilitation cases are
small, however, there is an increase in the level of damage in the second rehabilitation case.
The damage index D, was increased by about 13.0 % at Z=0.4. The increase in the damage
level resulted from the increase in the axial compression forces in the building columns
connected to the brace members. The deformation capacity of the RC column at peak
strength decreases when it is subjected to an increasing compressive axial force. In the current
study, the effect of the axial force on the deformation capacity at peak strength of the RC
members is taken into account using an interaction diagram between the axial force and the

curvature at peak strength. Column CO, shown in figure 5.4 exhibited an increase in the
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compression axial force of about 66% (from 1401 to 2331 kN).

The two rehabilitation cases were subjected to scaled versions of the Monte Negro
earthquake. The performance of the two cases was compared in terms of story drift and
damage indices in table 5.8. The second rehabilitation case R, experienced higher levels of
damage than the first case R,, following the same trend as in the static analysis. Figure 5.18
shows the distribution of damage to the rehabilitation case R due to the application of the
Monte Negro ground motion (PGA=0.55 g). Damage distribution of the rehabilitation case
R, was presented before in figure 5.11. The inelastic response of the two rehabilitation cases
was characterized by severe column hinging in the first and second stories due to splice failure
at the bottom ends and yielding of the reinforcement at the top ends. No damage was
observed in the columns and beams of the third story.

Based on the previous static and dynamic analyses, it can be concluded that
distributing the steel bracing members over more than one bay will provide better

performance by comparison to the case of concentrating the steel brace in a single bay.

5.7 EFFECT OF THE AMOUNT OF BRACING ON RESPONSE

The seismic response of three different steel bracing rehabilitation cases R, Rqand R,
was evaluated using the twelve ground motion records presented in Chapter 4. The
rehabilitation case R, is shown in figure 5.4 a, while the rehabilitation cases R and R , are
shown in figure 5.4 f and 5.4 g, respectively. The steel bracing in the rehabilitation cases R,,
R, and R, is uniformly distributed along the height with "b" equals approximately to 2.0, 1.5

and 2.5, respectively.
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The three rehabilitation cases were intended to provide the existing building with
different strength levels. The effects of the changes in the load carrying capacity and stiffness
of the rehabilitation cases as well as the differences in ground motion characteristics on the
seismic performance of the rehabilitated nonductile building were evaluated. The correlation
between the seismic performance parameters of the rehabilitation cases and the PGA level of

the ground motions was investigated.

5.7.1 Free Vibration Characteristics

The free vibration characteristics of the three rehabilitation cases are summarized in
table 5.4. The steel bracing rehabilitation has a significant impact on the fundamental period
of the building. A reduction of approximately 53% in the fundamental period has occurred
in the third rehabilitation case R, by comparison to the fundamental period of the existing
building. Such reduction may cause a significant increase in the seismic demands as simply
represented by the elastic spectral force of the ground motion. Table 5.5 summarizes the
elastic spectral forces of all the earthquake records when scaled to PGA=1.0 g. On average,
an increase in the seismic demands is expected to occur with increasing the amount of steel

bracing.

5.7.2 Effect of the Ground Motion Characteristics
It is recognized from the results presented in table 5.5 that for each of the
rehabilitation cases the seismic demands will depend on the characteristics of the particular

ground motion used. As example of the response, figures 5.19 to 5.22 represent the
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relationships of the PGA level versus the roof drift, the story drift, the strength based damage

index D, and the stiffness based damage index D, , respectively, of the rehabilitation cases
R,, R and R, when subjected to the Long Beach ground motion. A significant improvement
in the seismic performance of the rehabilitated building was achieved with increasing the
amount of steel bracing. This improvement can be attributed to the increase in the building
strength when increasing the amount of steel bracing along with the small changes that has
occurred in the seismic demands as a result of the associated stiffness increase. The seismic
demands were compared using the elastic spectral forces of the rehabilitation cases shown in
table 5.5. Figures 5.23 to 5.26 represent the relationships of the PGA level versus the roof
drift, the story drift, the strength based damage index D," and the stiffness based damage
index D, respectively, of the rehabilitation cases due to the application of the Near E. Coast
of Honshu ground motion. A very small change in the seismic performance of the
rehabilitated building was achieved when increasing the amount of steel bracing. This may
be attributed to the significant increase in the spectral elastic forces (shown in table 5.5) when
increasing the amount of steel bracing as a result of the associated stiffness increase. The
seismic demand increases when the first natural period of the structure becomes close to the

dominant period of the ground motion.

5.7.3 Mean of the Building Performance Parameters
The mean base shear coefficients of the three rehabilitation cases R,, R and R, due
to the application of the twelve ground motion records reached 0.31, 0.23 and 0.39,

respectively. The seismic performance parameters of the three rehabilitation cases were
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related to the PGA level as shown in figures 5.27 to 5.30. The figures represent the
relationships of the PGA level versus the mean of the roof drift ratio, the story drift ratio, the
damage index D,' and the damage index D,, respectively. The results shown in the figures
indicate that on average, there was a significant improvement in the building seismic
performance with increasing the amount of steel bracing regardless of the increase in the
seismic demands due to the associated changes in the building stiffness. The coefficients of
variation of the performance parameters reached in the three rehabilitation cases at PGA=0.4
g are summarized in table 5.9. The high levels of the coefficient of variation as shown in the
table indicate the poor correlation between the PGA level and the building seismic

performance parameters.

5.7.4 Damage Distribution

Figure 5.31 shows examples of the distribution of damage due to the inelastic
response of the rehabilitation cases Rg and R,. The damage distribution of figure 5.31 was
due to the application of the Monte Negro ground motion. Damage distribution of the
rehabilitation case R, due to the application of the Monte Negro ground motion was
presented before in figure 5.11. In the rehabilitation case Rg (PGA=0.55 g), hinging starts in
the first and second story columns. At the final stage of response, all the first story columns
and most of the second story columns experienced splice failure at the bottom ends and
yielding of the reinforcement at the top ends. Damage also was observed in the beams of the
first and second floors mainly due to the pullout of the bottom steel. Damage to the third

story was very limited by comparison to the first and second stories. Buckling was observed
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in all the steel bracing members.

In the rehabilitation case R, (PGA=0.585 g), hinging starts in the first story columns
by splice failure at the bottom ends and yielding of the reinforcement at the top ends. At the
final stage of response, damage was concentrated in the first story columns and in the first
floor beams. Damage to the second and third story was minimal by comparison to the first
story. Brace buckling was observed in all the steel bracing members.

Damage to the three rehabilitation cases R,, R and R, due to the application of the
Monte Negro ground motion was characterized by severe column hinging in the first story.
Beam hinging was mainly due to the pullout of the bottom steel. Damage to the third story
was minimal by comparison to the first and second stories. It was observed that with
increasing the amount of steel bracing, damage tended to concentrate in the bottom columns
and floors of the building. In the rehabilitation case R with b=1.5, damage was distributed
in the first and second stories of the building while in the rehabilitation case R, with b=2.5,
damage was concentrated in the building first story. Damage distribution to the rehabilitation
case R, with b=2.0, represented an intermidate case between the two rehabilitation cases R4

and R,.

5.7.5 Effect of the Amount of Bracing on the Damage-deformation Relationship

The impact of the amount of steel bracing on the relationship between the story drift
and the strength based damage index D,’ is evaluated. The two rehabilitation cases Rg and
R, were subjected to the static cyclic loading shown in figure 5.5 as well as scaled versions

of the Monte Negro earthquake. The first case represents a uniform brace distribution with
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b =1.5 while the second case represents a uniform brace distribution with b=2.5. Figure 5.32
represents the relationship between the damage index D,” and the story drift ratio due to the
application of the static cyclic loading while figure 5.33 represents the same relationship but
due to the application of the dynamic loading. The results shown in the figures indicate that
increasing the amount of steel bracing will cause a corresponding increase in the level of
damage at a specific story drift ratio. The increase in the damage index D, at 2.5 % story
drift reached approximately 19.0% and 16.0% for the dynamic and the static loadings,
respectively. The increase in damage can be attributed to the fact that increasing the amount
of steel bracing increases the level of axial forces acting on the building columns. Higher
levels of axial compression forces may reduce the ductility of the rehabilitated building
columns.

Although increasing the amount of steel bracing increases the level of damage at a
specific story drift ratio, it will also cause a corresponding increase in the load carrying
capacity of the rehabilitated building. This results in a significant reduction in the deformation
and damage experienced by the rehabilitated building at a specific PGA level as indicated from

the analysis results presented in section 5.7.3.

5.8 EFFECT OF THE GEOMETRIC NONLINEARITY (P-A)

In the case of reinforced concrete buildings rehabilitated using steel bracing, high
levels of axial forces are expected to develop in the building columns adjacent to the steel
bracing elements. High axial forces will result in more significant P-A effect. Neglecting the

P-A effect (e.g., Pincheira, 1992) may be either because of software limitation or to simplify
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the analysis.

The rehabilitation case R, shown in figure 5.4 g was used to evaluate the effect of the
P-A. This rehabilitation case includes a heavy bracing system that is uniformly distributed
along the height with b=2.5. The rehabilitated building was subjected to scaled versions of
the Monte Negro earthquake. The analysis was conducted with and without considering the
P-A effect. The results of the dynamic analysis are shown in figures 5.34 and 5.35. Figure
5.34 represents the relationship between the PGA level and the maximum story drift while
figure 5.35 represents the relationship between the PGA level and the damage index D, .
From figure 5.34, at PGA=0.6 g, an increase of about 20% in the story drift is due to the P-A
effects. The corresponding increase in the damage index D,” reached approximately 50 %.

These results indicate that the P-A can significantly affect the response of the
rehabilitated nonductile buildings. It can increase the story drifts and the damage indices of
the rehabilitated building when subjected to an earthquake loading. Neglecting the P-A effect

in the inelastic analysis of braced reinforced concrete buildings can be a crude approximation.

5.9 EFFECT OF BRACING ON THE COLUMN AXIAL AND SHEAR FORCES
The effect of the steel bracing on the levels of axial and shear forces developed in the
building columns is investigated. The X-bracing system resists the lateral loads by truss
action. The truss consists of the bracing members and the building beams and columns. The
truss behaviour will lead to the development of significant axial forces in the building
columns. In addition, compression axial forces acting on the columns increase the column

flexural strength thus increasing the shear force demands on the columns. In this section, the
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levels of axial and shear forces acting on the column of the nonductile frame were investigated
for the rehabilitation case R, shown in figure 5.4 g which includes a heavy bracing system that
is uniformly distributed along the height with b=2.5.

Table 5.10 summarizes the maximum axial forces in the building columns adjacent to
the steel bracing members before and after rehabilitation due to the application of the Monte
Negro earthquake. The PGA of the earthquake was selected to produce significant inelastic
response of the structure. For the existing building the PGA was equal to 0.4g and for the
rehabilitated building it was taken as 0.585 g. In the table, the level of the axial force is
presented as the ratio between maximum force developed in the member and the axial
capacity of the member in compression or tension. The column axial capacity in compression
was calculated considering both the steel and the concrete contributions (A, f'+A, f)) while
in tension it was calculated considering only the steel contribution and neglecting the concrete

tensile strength (A, £), where ' is the concrete compressive strength, f, is the steel yield

strength, A_ is the area of concrete and A, is the area of steel. The resuits summarized in the
table indicate that the steel bracing caused a significant increase in the axial load levels acting
on the building columns. Axial tension forces were developed in the columns of the lower
stories which are connected to the steel brace members. The levels of axial forces are below
the column axial capacity as shown in the table. In addition, all the column axial forces are
below the axial load at the balanced condition of the column cross section. The ratio between
the balanced axial load and the column axial capacity in compression is equal to 0.41. The
axial forces developed in the building beams were small as compared to the axial force levels

developed in the building columns. The beam axial forces were significantly lower than the
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beam axial load capacity levels.

The maximum shear forces developed in the building columns due to the application
of the Monte Negro ground motion are presented in table 5.11. The table shows the
maximum shear developed in the columns when the columns are subjected to compression
and tensile axial forces. The shear capacity of the RC frame members were calculated using
a shear strength equation proposed by Priestley et al. (1994). The predicted shear strength

is the sum of three independent components as follows:

V =V, + V4V, (5.2a)

where V_ is the concrete component, V, is the axial load component and V, is the transverse
reinforcement component. The concrete component, V., reduces with increasing ductility.

It is calculated as:

V. =k ‘/E' A, (5.2b)

where A, is the effective shear area (A,=0.8 A_,,). The parameter k depends on the member
displacement ductility level. In the elastic range of response, k is equal to 0.29 while k is
equal to 0.1 when the member undergoes severe inelastic deformation. The axial load

component V, depends on the member aspect ratio and is calculated as:

D-c¢
VvV = P
p 22 (5.2¢)

where D is the section depth, c is the depth of the compression zone, a is half the length of

the member which is assumed to bend in double curvature and P is the compressive axial load
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acting on the RC member. The contribution of the transverse reinforcement is based on a
truss mechanism and is estimated as:

_ A, f, D’cot30°

vs
S

(5.2d)

where D = the distance between centres of the peripheral hoop, A, is the area of transverse
reinforcement at spacing S along the member longitudinal axis and f, is the steel yield
strength. The stresses in equations 5.2 are in MPa, forces are in Newtons and dimensions are
in mm.

The calculated shear capacity of the frame columns is equal to 143.0 kN, assuming
the columns undergo severe inelastic deformation (k=0.1). The contribution of the
compressive axial loads was neglected in the calculations leading to more conservative
estimates to the shear strength. Compressive axial loads are expected to significantly increase
the shear strength of the frame members as shown in equation 5.2c. The calculated column
shear strength indicates that the shear capacity of the concrete columns exceeded the shear
demands imposed by the ground motion record. For RC columns subjected to tensile axial
forces, the contribution of the transverse reinforcement alone exceeded the shear demands
imposed by the ground motion.

Local shear forces may be also developed in the building beam and column ends at the
locations of the brace connections. Testes conducted by Goel and Masri (1994) and Maheri
and Sahebi (1995) indicated the possibility of transferring the brace loading to the corner of

the RC frames without producing local damage in the concrete members. Investigating the
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force transfer mechanism at the brace connections will require microscopic analysis using the
finite element method. In this type of analysis, the connection has to be subdivided into large
number of small elements. Investigating the force transfer mechanism at the brace

connections is out of scope of the current study.

5.10 APPLICATION OF THE SIMPLIFIED APPROACH

The simplified seismic performance evaluation approach presented in Chapter 4 was
used to evaluate the seismic response of the rehabilitation case R,, which includes a heavy
steel bracing system. The analysis results of the approximate SDOF model and the MDOF
braced building using the twelve ground motion records were compared and the accuracy of
the simplified evaluation approach in predicting the seismic performance of braced nonductile

RC buildings was evaluated.

5.10.1 Single Degree of Freedom Model

The properties of the SDOF model for the rehabilitation case, R,, were calculated
using the approach described in Chapter 4. Two different SDOF systems were used in the
simplified analysis. The first SDOF system represents the elastic behaviour of the structure
and is applicable up to 0.5% roof drift ratio. The second SDOF system represents the inelastic
behaviour of the structure and is applicable when the roof drift ratio is greater than 0.5%.
The damping ratio used in the equivalent SDOF system models was 2.0%. The properties of
the elastic SDOF model was calculated as follows:

{¥}={0.38, 0.75, 1.0}
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{sk={1/6, 1/3, 1/2}

M= 0.57 x (building mass)= 969,912 kg

L= 0.71 x (building mass)=1,208,136 kg

V'=0.81V (5.3)
The properties of the inelastic SDOF model was calculated as follows:

{¥}={0.82, 0.94, 1.0}

{S}={1/6, 1/3, 1/2}

M’= 0.85 x (building mass)=1,446,360 kg

L*= 0.92 x (building mass)=1,565,472 kg

V'=095V (5.4

The hysteretic force-displacement relationship of the SDOF model was represented
using the model shown in figure 5.36. The model includes two steel brace elements (one in
tension and one in compression) and one concrete spring element. The two brace elements
provide an approximate representation of the contribution of the steel bracing members to the
overall force-displacement relationship of the rehabilitated building. The concrete spring
element provides the contribution of existing RC frames. The characteristics of the hysteretic
force-displacement relationship of the steel bracing elements can be obtained by performing
a static cyclic analysis on the braced building with all the frame joints considered as hinges.
In this case, the braced bays of the frame works as a truss structure. The contribution of the
existing RC frames can be considered as the difference between the total response of the
braced building and the response of the steel bracing elements. The properties of the elements

forming the system given in figure 5.36 can be selected to produce the same cyclic responses
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as that of the steel bracing elements and the existing RC frames. A comparison between the
cyclic responses of the MDOF and the SDOF systems was presented in figure 5.37. The
good agreement shown in figure 5.37 indicates that the cyclic response of the MDOF system

can be represented using the proposed SDOF model.

5.10.2 Seismic Analysis Results of the Simplified Approach

A comparison between the simplified dynamic analysis predictions and the actual
response of the rehabilitation case, R,, are presented in figures 5.38 to 5.41. The figures
represent the relationships between the maximum story drift ratio on one side and the four
response factors C,, C,, C; and C, on the other side. Definitions of the four response factors
C,, C,, C, and C,are presented in Chapter 4. Figures 5.38 and 5.39 compare the predictions
of the roof drift and the story drift, while figures 5.40 and 5.41 compare the predictions of the
damage indices D,” and D,, respectively.

The accuracy of the SDOF predictions for the story drift and the damage index D,
was studied as shown in figures 5.42 and 5.43. The figures show the number of ground
motion records as a percentage of the total number that produced various levels of deviations
of the SDOF predictions from the those of the MDOF model. The number of ground motion
records that produced deviations in the story drift ratio more than 20.0% from the exact
predictions was about 13 %. This indicates the applicability of the simplified approach for

predicting the seismic response of braced nonductile RC buildings.
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5.11 SUMMARY

The effect of brace distribution along the height on the characteristics of the plastic
mechanism of the rehabilitated building was investigated by studying the responses of four
rehabilitation cases. It was found that adding steel bracing uniformly distributed along the
height of the existing nonductile building may not represent the optimum solution. The linear
distribution of steel bracing along the height of the frame provided the best bracing scheme
with lower damage level under the effect of seismic loading.

It was found that the degree of improvement in the seismic performance of the
rehabilitated building is significantly dependent on the level of increase in the load carrying
capacity as well as the changes in the seismic demand that result from the associated stiffness
increase. On average, there was an improvement in the seismic performance of all the
rehabilitation cases regardless of the increase in the seismic demands due to the associated
changes in the building stiffness.

Steel bracing systems with different amounts of bracing or different distributions along
the building height may cause different levels of damage at a specific story drift ratio. Thus,
using story drift as a sole measure of damage is inappropriate in the case of existing buildings
rehabilitated using steel bracing. The effect of the bracing distribution along the frame bays
was studied. A good distribution should avoid concentrating the bracing members in one bay.

A simplified model was developed that includes two steel bracing elements and one
SDOF concrete spring element. Good representation of the cyclic response of the
rehabilitated building was obtained using the proposed model. The seismic analysis results

of the simplified model and the MDOF braced building were found to be in close agreement.
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Table S.1 Brace distribution along the height of the rehabilitation cases

Case Parameter b; o
b, b, by Description
R, 1/3 1/3 1/3 Uniform with height
R, 12 173 1/6 Linear with height
R, 1/2 1/2 0 Uniform bracing of the 1* and 2™ stories
R, 1.0 0 0 First story only braced
R, 1/3 1/3 1/3 Uniform with height
R 1/3 1/3 1/3 Uniform with height
R, 1/3 1/3 1/3 Uniform with height
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Table 5.2 Story drifts and damage indices from the static analysis.

Case| Z Story drift Stiffness based damage index
1* story | 2™ story | 3™ story D, D, D, D,
0.1 1.04 0.54 0.23 0.38 0.55 0.21 0.02
0.2 1.44 0.57 0.24 0.51 0.69 0.26 0.03
R, |03 1.85 0.57 0.24 0.60 0.77 0.29 0.04
04| 229 0.59 0.24 0.69 0.84 0.31 0.04
0.5 2.73 0.60 0.24 0.75 0.87 0.33 0.05
0.1 0.66 0.73 0.43 0.26 0.32 0.28 0.07
0.2 0.83 0.93 0.46 0.38 0.44 0.42 0.11
R, |03 1.01 1.15 0.48 0.46 0.51 0.51 0.14
04 1.24 1.33 0.50 0.54 0.61 0.56 0.16
0.5 1.47 1.50 0.50 0.61 0.69 0.62 0.18
0.1 0.35 0.32 1.15 0.23 0.04 0.01 0.56
02| 036 0.34 1.56 0.31 0.04 0.01 0.66
R; |03 0.37 0.34 2.01 0.40 0.04 0.01 0.75
04 0.36 0.34 2.50 0.66 0.03 0.01 0.90
05| 036 0.34 2.99 0.84 0.03 0.02 0.96
0.1 0.09 1.27 0.46 0.37 0.00 0.60 0.17
0.2 0.09 1.70 0.46 0.48 0.00 0.70 0.21
R, 0.3 0.09 2.13 0.47 0.64 0.00 0.82 0.24
0.4 0.09 261 0.48 0.83 0.00 0.93 0.30

Table 5.3 Story drift ratio distribution corresponding to 1.0% roof drift ratio.

Bracing Story drift ratio (%) Parameter
Case ) . v
First story Second story Third story
R, 2.2 0.58 0.22 0.60
R, 1.18 1.32 0.5 0.25
R, 0.34 0.31 235 0.68
R, 0.07 248 0.45 0.74
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Table 5.4 Free vibration characteristics of the rehabilitation cases

Case First mode shape** Second mode shape
T, |Modal |1* floorP™floor™ floo] T, |Modal {1* floorp™ floor™ floor
sec | mass* | displ. | displ. | displ. | sec |mass* | displ. | displ. | displ.

Existing] 0.99 | 090 | 042 | 0.79 | 1.00 | 0.32 | 0.08 | 1.00 | 0.50 | -0.81

R, 052 | 090 | 041 | 0.78 | 1.00 | 0.18 | 0.09 | 1.00 | 0.49 | -0.79
R, 050 | 084 | 030 | 0.67 | 1.00 | 0.19 | O.13 | 1.00 | 095 | -0.93
R, 053 | 074 | 022 | 044 | 100 | 023 | 023 | 0.77 | 1.00 | -0.61
R, 072 | 069 | 0.08 | 061 | 1.00 | 0.23 | 0.09 | 0.26 | 1.00 | -0.63

R 053 | 089 | 039 | 0.76 | 1.00 | 0.18 | 0.09 | 1.00 | 051 | -0.78

R¢ 065 | 090 | 041 | 0.78 | 1.00 | 022 | 009 | 1.00 | 0.50 | -0.80

R, 045 | 090 | 040 | 0.77 | 1.00 | 0.15 | 0.09 | 1.00 | 0.50 | -0.78

** Mode shapes are normalized such that the maximum story displacement is equal to 1.0
* As a fraction of the total mass
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Table 5.5 Elastic spectral acceleration of the rehabilitation cases

Rec| Earthquake, Elastic spectral acceleration (g)
No. GA=1.0
(P g) Existing|Case RjCase Rlease R;|Case R.ICase R [Case R¢|Case R,
1 Parkfield, 0.54 1.04 1.51 0.91 0.72 | 091 0.58 2.36
California
2 Nahanni, 043 | 067 | 087 | 063 | 055 | 063 | 0.70 | 0.74
Canada
3 | Imperial Valley, | 1.85 2.93 2.74 3.14 1.98 3.14 229 2.96
California
4 | Kem County, 1.09 | 224 | 206 | 2.17 | 1.53 | 2.17 | 2.04 | 4.32
California
5 | San Fernando, 1.33 1.72 1.65 1.79 1.01 1.79 1.43 1.74
California
6 | SanFernando, | 1.04 | 1.99 | 191 225 | 127 | 225 | 122 | 243
California
7 | Monte Negro, | 1.30 | 498 | 446 | 484 | 136 | 484 | 230 | 4.10
Yugoslavia
8 | Long Beach, 2.14 | 245 | 2.28 | 2.65 1.88 | 265 | 270 | 2.12
California
9 |Lower California| 1.41 | 225 | 222 | 238 | 1.77 | 238 | 258 | 242
10| SanFernando, | 3.61 | 292 | 194 | 3.01 | 2.11 | 3.01 1.83 1.90
California
11 [NearE. Coastof} 1.20 | 3.81 | 417 | 3.16 | 1.77 | 3.16 | 2.17 | 3.52
Honshu, Japan
12 Mexico 231 | 3.54 | 3.61 396 | 260 | 396 | 3.45 | 2.84




176

Table 5.6 Story drifts and damage indices due to the Monte Negro earthquake.

Case| PGA Story drift Stiffness based damage index
) 1* story | 2™ story | 3™ story D, D, D,
0.20 0.60 0.41 0.19 0.21 0.06 0.01
0.30 0.92 0.58 0.22 0.45 0.18 0.02
R, | 0.40 1.22 0.70 0.23 0.61 0.28 0.03
0.50 2.00 0.79 0.25 0.75 0.40 0.04
0.58 4.16 0.68 0.26 0.95 0.28 0.03
0.20 043 0.61 043 0.09 0.08 0.11
0.30 0.53 0.78 0.53 0.17 0.16 0.21
R, | 0.40 0.70 1.04 0.78 0.32 0.27 0.37
0.50 0.81 1.34 1.01 0.43 0.34 0.50
0.58 0.92 1.64 0.96 0.50 0.40 0.60
0.20 0.20 022 0.83 0.00 0.01 0.50
R, 1 0.30 0.33 034 1.36 0.00 0.01 0.71
0.43 0.56 0.34 294 0.19 0.01 0.86
0.20 0.10 0.67 042 0.00 0.16 0.05
R, | 0.30 0.11 0.90 0.61 0.00 041 0.23
0.42 0.18 2.56 0.70 0.01 0.81 0.42

Table 5.7 The performance of distributed versus concentrated steel bracing

(Cyclic analysis)
z Distributed brace Concentrated brace in a
(CaseR,) single bay (Case Ry)
Story D, Story D,
drift drift
0.10 1.04 0.09 1.04 0.09
0.20 1.44 0.15 1.44 0.19
0.30 1.85 0.25 1.86 0.28
0.40 2.29 0.44 2.29 045
0.50 2.73 0.59 2.76 0.67
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Table 5.8 The performance of distributed and concentrated steel bracing
(Dynamic analysis using the Monte Negro earthquake)

PGA Distributed brace Concentrated brace in a
(®) (Case R,) single bay (Case Ry)

Maximum D, Maximum D,’
story drift story drift

0.20 0.60 0.03 0.57 0.04

0.30 0.92 0.06 0.89 0.07

0.40 1.22 0.14 1.21 0.16

0.50 2.04 0.34 2.07 0.39

0.55 3.14 0.74 3.52 0.85

Table 5.9 Coefficient of variations of the performance parameters
of the rehabilitation cases

Case Coefficient of variation
Roof drift ratiolStory drift ratiol D, D,
R, 0.60 0.82 1.17 0.78
R¢ 0.54 0.72 1.11 0.73
R, 0.52 0.70 1.03 0.74
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Table 5.10 Maximum axial forces developed in the columns adjacent to the steel bracing
of the three-story building due to the application of the Monte Negro earthquake

Story Existing building Braced building
Compression Tension Compression Tension
1 o1r’ - 0.37 0.65
2 0.07 - 0.23 0.20
3 0.04 - 0.08 -

* As a ratio from the axial capacity of the columns

Table 5.11 Maximum shear forces (kN) developed in the columns adjacent to the bracing
members of the existing building due to the application of the Monte Negro earthquake

Story Maximum shear with Maximum shear with tensile
compression axial force axial force
Shear force | Axial force | Shear force | Axial force
1 133.10 1078.0 54.47 75.53
2 61.10 7.78 52.20 61.59
3 31.46 116.20 - -
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by=1/3
b,=1/3
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b=13 | O s

(2) Case R,  Brace members are round hollow sections (HSS 114 x 8)

b,=1/6
b,=1/3
b=12 T €O T %
L _ AL
(b) Case R,

Brace area of the 1* story = (1/2) x total brace area of case R,
Brace area of the 2™ story = (1/3) x total brace area of case R,
Brace area of the 3™ story = (1/6) x total brace area of case R,

Figure 5.4 Rehabilitation cases for the nonductile three-story building
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b,=1/2
b,=1/2
. L
Brace area of the 1% story = (1/2) x total brace area of case R,
Brace area of the 2* story = (1/2) x total brace area of case R,
(c) CaseR,
b=1

Brace area of the 1* story = total brace area of case R,

(d) Case R,

Figure 5.4 Rehabilitation cases for the nonductile three-story building (cont.)
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(e) Case R
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(f) Case R,

Figure 5.4 Rehabilitation cases for the nonductile three-story building (cont.)
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b,=1/3
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Brace members (HSS 114.3x114.3x7.95)

(g) Case R,

Figure 5.4 Rehabilitation cases for the nonductile three-story building (cont.)
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Figure 5.6 Relationships between the parameter Z and the story drift ratios of four
rehabilitation cases (Static loading)
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Figure 5.7 Relationships between the parameter Z and the strength based damage index D,’ of
four rehabilitation cases (Static loading)
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Figure 5.8 Relationships between the PGA level and the roof drift ratios of four rehabilitation
cases (Dynamic loading)
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e  Pullout of bottom beam reinforcement e  Yielding of top beam reinforcement
=  Column splice failure « Column reinforcement yielding

=====

(a) Existing building, PGA=0.45 g

20

j: 12 2841

(b) Rehabilitation case R,, PGA=0.70 g

Figure 5.11 Hinge type and location of the existing building and the rehabilitated cases R, R,, R,
and R, due to the application of the Monte Negro earthquake
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(c) Rehabilitation case R,, PGA=0.70 g

(e) Rehabilitation case R,, PGA=0415 g

Figure 5.11 Hinge type and location of the existing building and the rehabilitated cases R,, R,, R;
and R, due to the application of the Monte Negro earthquake (Cont.)
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Figure 5.18 Hingé type and location of the rehabilitation case R, due to the application of the
Monte Negro earthquake (PGA=0.55 g)
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CHAPTER 6

ECCENTRIC STEEL BRACING REHABILITATION SYSTEM

6.1 INTRODUCTION

In eccentrically braced frames (EBFs), forces are transferred to the brace members
through bending and shear forces developed in ductile steel links. The link is designed to act
as a fuse by yielding and dissipating energy while preventing buckling of the brace members.
Well-designed links provide a stable source of energy dissipation.

Different brace patterns are used in eccentrically braced steel frames. Examples of
these patterns include V-bracing, K-bracing, X-bracing and Y-bracing (figure 6.1). Most of
these patterns utilize short beam segments as active links. In reinforced concrete frames, the
beams are incapable of performing as a ductile link for the steel bracing system that is inserted
in the frame openings. A vertical steel shear link may be introduced by the Y-bracing pattern
of figure 6.1 (Fehling et al., 1992). In this case, the vertical shear links can be attached to
the RC frame beams. Special consideration should be given to the connection between the
vertical shear link and the RC beam, this connection should have sufficient capacity to ensure
its effectiveness in transmitting the forces when subjected to cyclic loading.

A shear link model presented by Ramadan and Ghobarah (1995) was modified and
implemented in the DRAIN-2DX computer program. The shear link model is capable of
representing both shear and flexural behaviours of the steel links under the effect of a cyclic

loading. The model parameters were established based on experimental data.
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The use of eccentric bracing in the rehabilitation of nonductile RC buildings will be
investigated. Different rehabilitation cases are designed for the nonductile three-story
building using concentric inverted-V and eccentric bracing systems. The hysteretic
characteristics of the eccentric brace rehabilitation cases are studied under the effect of static
cyclic load. The seismic performance of the rehabilitated frames using eccentric bracing is
investigated under the effect of ground motion records with different characteristics. The
effect of steel link strength distribution along the building height on the seismic behaviour of

the rehabilitated building is evaluated.

6.2 DESIGN OF THE SHEAR LINKS AND THE BRACE MEMBERS

The selection of the link length and detailing are important aspects of the link design.
Short shear links yield primarily in shear with plastic zone along the web length. On the other
hand, long moment links yield primarily in flexure and develop plastic hinges at the link ends.
Based on experimental investigation conducted by Hjelmstad and Popov (1983), it was found
that shear links are more effective in energy dissipation and achieving greater ductility than
moment links under the effect of cyclic loading. The link length should be selected to ensure
that the link yields primarily in shear.

Vertical shear links shown in figure 6.1 are assumed to act as cantilevers. The brace
members are assumed to be pin-connected to the vertical link while the link itself is
considered fixed to the RC beam. The brace members will provide little constraint to the
bottom ends of the vertical links against rotation. The critical length of a vertical shear link

is calculated as:
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ey = ©.1)
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where e, is the maximum shear link length. M, and V, are the ultimate end moment
and shear force for the shear link with a well stiffened web. Based on experimental data, the

values of M, and V, are approximated as:

M,=12M, , V=15V, 6.2)

Substituting into equation 6.1 yields:

€ = 0.8—=L (6.3)

Based on experimental data, Popov and Malley (1983) proposed the following formula for

calculating the link length to ensure that the link yields primarily in shear:

4b. t
e = tf £ (6.4)

w

where b,and t, are the width and thickness of the flange and t,, is the web thickness. Equation
6.4 was developed for steel links having fixed ends with reverse curvature and equal end
moments. Vertical shear links that have fixed connections with the RC beam and simple
connections with the brace members are assumed to act as cantilevers and therefore the link

length calculated from equation 6.4 is divided by two.
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The maximum link deformation angle v, that can be achieved by the shear link is
dependent on the link detailing. The link deformation angle is defined as the link lateral
displacement over the link length for both the single and double curvature cases. Shear links
with closely spaced web stiffeners exhibit relatively large ultimate deformation angles under
the effect of cyclic loading. Kasai and Popov (1986) reported that the ultimate deformation
angles for the same link section and stiffener configuration are not sensitive to the loading
routine. They developed a formula for calculating the stiffener spacing that corresponds to
a specific ultimate deformation level. The ultimate link deformation angle is defined as the
maximum deformation angle developed by the link before the occurrence of considerable
strength deterioration due to severe flange and web buckling of the link. It was found that
the ultimate link deformation angle for well stiffened shear links may approach 0.1 rad
(Michael and Popov, 1989).

Steel brace members in EBFs should be designed to ensure that they will behave
elastically when subjected to an earthquake loading. Roeder and Popov (1977) recommended
that a brace member should be designed as a compression member with its axial load capacity
depending on the plastic strength of the steel link. An additional factor of safety of at least
1.5 should be applied to this axial load capacity to ensure that the brace does not buckle due

to the link strain hardening.

6.3 ECCENTRIC BRACING CONNECTION DETAILS
Figures 6.2 and 6.3 show proposed details of the connections of an eccentric bracing

system inserted in the openings of RC frame. Figure 6.2 shows the shear link connection
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constructed at the beam mid-span The shear link is connected to steel plates which are
anchored to the RC beam. The load of the bracing members is transformed to the shear link
using an end plate. The connection between the brace members and the RC frame is shown
in figure 6.3. The force in the brace member is transformed to the RC frame by bearing action
on the RC members. This was accomplished using steel plates attached to the ends of the RC
columns and beams. The steel plates surrounding the column are welded together while the
steel plate of the beam is anchored to the concrete slab. The load of the bracing member will

be distributed to the slab and the column plates through a gusset plate.

6.4 DEFORMATION CAPACITY OF EBFs

An important aspect in the design of eccentrically braced frames is the consideration
of the deformation demands in the steel links. Figure 6.4 shows a plastic mechanism of an
eccentrically braced steel frame, while figure 6.5 shows an assumed plastic mechanism of a
reinforced concrete frame provided with a vertical steel link. In figures 6.4 and 6.5, small
black circles indicate plastic flexural hinges and the cross-hatched line indicates a plastic shear
hinge. In figures 6.4 and 6.5, A is the story displacement, H is the frame height, L is the
frame span, e is the link length, © is the story drift angle (6=A/ H) and y is the link
deformation angle. For the RC frame shown in figure 6.5, the deformation angle of the link
can be estimated approximately as y= 0 (H/e).

In eccentrically braced frames, e is usually much smaller than L and H, and therefore
severe deformation demands are placed on the link. The link length plays an important role

in determining the link deformation demand required to produce a specific story drift angle.
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The longer the length of the shear link, the lower is the link deformation demand needed to
produce a certain story drift angle. However, it should be taken into consideration that short
shear links are capable of supplying large deformation angles before failure by comparison to
long moment links. Based on experimental data, Michael and Popov (1989) reported that
¥=0.025 radians provides a reasonable estimate of the plastic rotation capacity of long links,
while for well stiffened short links, plastic rotations up to y=0.1 radians are possible. These
rotation levels were obtained by testing steel links having fixed ends with reverse curvature
and equal end moments. These links can be considered as two cantilevers attached at the free
ends and therefore the same rotation levels can be applied for the cantilever links. For the
case of the reinforced concrete frame shown in figure 6.5, the maximum allowable story drift
angle, 0_,,, is calculated as:

.. Y
0 —_crit all 6.5
e 65

where v, is the allowable link deformation angle and e, is the maximum shear link length
calculated using equation 6.3 or 6.4. For example, if y,=0.1 radians, H=4.0 m and ¢=0.50
m, then the maximum allowable story drift angle is equal to 0.0125 radians. Figure 6.5 (b)
indicates that both the steel bracing system and the existing RC frame have to deform laterally
to the same story displacement level. The deformation of the steel bracing system results
mainly from the link yielding while the deformation of the RC frame is developed mainly by
the formation of the plastic hinges in the frame members. The failure mechanism shown in

figure 6.5 (b) represents one possible failure mechanism. Several other failure mechanisms
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can be developed in the RC frame.

6.S MODELLING OF THE LINK

Steel links are subjected to high levels of shear forces and bending moments in the
active link regions. In the analysis of the performance of links, elastic and inelastic
deformations of both the shear and flexural behaviours have to be taken into consideration.
Several researchers attempted to develop link models for the dynamic inelastic analysis of
EBFs (Roeder and Popov, 1977; Ricles and Popov, 1987; Ramadan and Ghobarah, 1995).
A review of the available models of a link element can be found in Ramadan and Ghobarah
(1995). Ramadan and Ghobarah (1995) modeled the link as a linear beam element with six
nonlinear rotational and translational springs at each end as shown in figure 6.6. Three
rotational bilinear springs were used to represent the flexural inelastic behaviour of the plastic
hinge at the link end represented by the multilinear function shown in figure 6.7. Three
translational bilinear springs were used to represent the inelastic shear behaviour of the link
web represented by the multilinear function shown in figure 6.8. The values of M, and V,
were considered equal to M, and 0.9V,, respectively. The moment-rotation and the shear
force-lateral displacement relationships of the steel link shown in figures 6.7 and 6.8 were
defined based on the recommendations of Ricles and Popov (1987) and Ramadan and
Ghobarah (1995). The moments and shear forces shown in the figures were given as:
Vn=Vy M, =M,
V,,=1.06V, M,=1.03 M, (6.6)

V=112V, M, =106 M,



214

The values of the stiffnesses shown in figures 6.7 and 6.8 were given as:

K, = 0.03 K,, K= 0.03 K,y
K, =0.015K,, Ky = 0.015 Ky, 6.7
K,, = 0.002K,, K= 0.002 K,y

The moments, shear forces and stiffnesses described in equations 6.6 and 6.7 were

developed for the two ends of a steel link having fixed ends with reverse curvature and equal
end moments. These relationships are applicable also for cantilever type shear links. A steel
link having fixed ends with reverse curvature and equal end moments can be considered as
two cantilever type shear links. The values of K,,, and K, can be calculated as:
K, =3El /e K,.=GA, /e (6.8)
where, E is Young's modulus of steel, I is the moment of inertia of the link cross section, G
is the modulus of rigidity of steel, e is the link length and A, is the area of the web of the
link section. Ricles and Popov (1987) concluded that, under the effect of cyclic loading,
moment yielding obeys the kinematic hardening rule while shear yielding follows a
combination of both isotropic and kinematic hardening.

In the current study, the vertical steel link was represented by linear cantilever element
with only two inelastic rotational and translational springs at the fixed link end. Each of the
springs was designed to produce directly the same relationships shown in figures 6.7 and 6.8
instead of using three bilinear springs as suggested by Ramadan and Ghobarah (1995). One
of the developed springs represents the moment-rotation relationship while the other
represents the shear force-shear displacement relationship. The developed springs were

implemented in the DRAIN-2DX computer program. The force-deformation relationships
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of the springs were determined using the forces and stiffness levels presented in equations 6.6
and 6.7. Under the effect of cyclic loading, the hardening rule of the moment spring is a
kinematic type, while for the shear spring, a special function was used to account for the
upper bound of the shear capacity (Ramadan and Ghobarah, 1995). The function determines
the maximum attainable shear force capacity after certain amount of plastic action. This

function has the shape:

V.=V, [1 +08(1- e 194°¢ )] (6.9)

where, V, is the initial shear yield strength and ACC is the accumulated strain in the shear

spring.

6.6 REHABILITATION CASES

Three rehabilitation cases were designed for the existing nonductile three-story
building. In the first rehabilitation case (V,), concentric inverted-V-brace was provided to
only three bays of the exterior frames of the building as shown in figure 6.9 a. All the steel
brace members have the same length, cross section and material properties. The brace
members were selected as round hollow sections (HSS 114 x 8). The effective length factors
for concentric inverted-V-bracing were considered as 1.0 for in-plane and out-of-plane
buckling. The Young's modulus is E=200,000 (MPa) and the steel yield stress is f, = 350
(MPa). The brace buckling and residual capacities were calculated using the approach
described in Chapter 5. The calculated brace properties are; r = 37.7 (mm), (KL / r) =109,

(P,/P)=0.44, (P/P)=0.33. In this rehabilitation case, the parameter "b" which defines
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the increase in the load carrying capacity of the rehabilitated building was calculated as 1.7.
This indicate that the lateral load capacity of the rehabilitated building is 1.7 times the load
carrying capacity of the existing three-story building.

In the second rehabilitation case, E,, vertical steel links were provided to the inverted-
V-bracing systems as shown in figure 6.9 b. The properties and plastic capacities of the
vertical steel links are summarized in table 6.1. The stiffness and the plastic capacities of the
steel links in shear and flexure were calculated using Young's modulus, E=200,000 (MPa) and
steel yield stress, £, = 300 (MPa). The section and length of the vertical steel links (W200x46
and 0.60 m) were selected to satisfy equation 6.4 (e_,=4 b t;/t,) and to obtain a link shear
strength lower than 2/3 the force level that causes brace buckling. The links are assumed to
be properly stiffened to produce maximum levels of ultimate rotations. The value of the
parameter "b" was calculated as 1.7 for the eccentric bracing rehabilitation case.

An eccentric brace rehabilitation case E, was designed in order to investigate the
effect of the distribution of the steel link strengths along the rehabilitated building height. In
Chapter 5, it was found that adding steel X-bracing uniformly with height to existing
nonductile building structures may not represent the optimum solution. It was concluded
that the steel X-brace distribution along the building height will have a strong effect on the
characteristics of the developed plastic mechanism of the rehabilitated building under the
effect of lateral loading and that the best distribution is that which provide the lowest value
of the parameter v. The rehabilitation case E, has an eccentric brace distribution along the
building height close to a linear distribution as shown in figure 6.9 c. The brace members and

shear link properties are exactly the same as those used before in the rehabilitation case E,.
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The values of the parameter b, which measure the distribution of the eccentric brace strength
along the height are provided in the figure.

The effect of the eccentric bracing on the free vibration characteristics of the
rehabilitated buildings was investigated. Table 6.2 summarizes the free vibration
characteristics of the three rehabilitation cases V|, E, and E,. The rehabilitation cases with
eccentric bracing have relatively lower stiffness and therefore longer fundamental period than
the rehabilitation case with concentric bracing. The rehabilitation case E, has slightly shorter
fundamental period than the rehabilitation case E, Table 6.3 summarizes the elastic spectral
forces developed in the three rehabilitation cases due to the application of the twelve ground
motion records described before in Chapter 4. The dynamic analysis was performed using
2.0% viscous damping. Significant scatter in the elastic spectral force levels of the three
rehabilitation cases is observed for the ground motion records. The average elastic spectral

force levels acting on the three rehabilitation cases V,, E, and E, reached 2.49, 2.30 and 2.49,

respectively.

6.7 PUSHOVER RESPONSE OF THE REHABILITATION CASES

A pushover analysis was conducted to evaluate the stiffness and strength
characteristics of the three rehabilitation cases. The pushover was carried out using the code
lateral load distribution. Figure 6.10 shows the lateral load-roof drift of the existing and the
rehabilitated buildings. The ratios between the initial stiffness of the rehabilitated cases V,,
E, and E, to that of the existing building are 2.5, 2.2 and 2.4, respectively. Eccentric bracing

rehabilitation caused lower increase in the building stiffness by comparison to the concentric
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bracing. The parameter b was calculated as 1.7, 1.6 and 1.9 for the rehabilitation cases V,,
E, and E,, respectively. The rehabilitation case E, caused higher increase in the load carrying
capacity of the rehabilitated building than the bracing case E1 due to the change in the
eccentric brace distribution along the height of the building. In figure 6.10, the lateral load-
roof drift relationship of the rehabilitation case V, exhibited a drop in strength at about 0.35%
roof drift ratio. This was because of buckling of some of the brace members at this stage of
deformation. Buckling of a brace member will lead to a corresponding drop in the brace load
capacity in compression.

The plastic mechanism parameter "v" presented in Chapter 3 was calculated for the
three rehabilitation cases. It was pointed out in chapter 3 that the lower the value of v the
more desirable is the developed plastic mechanism of the building under the effect of lateral
loading. The value of v reached 0.43, 0.45, 0.50 and 0.20 for the existing building and the
rehabilitation cases V,, E, and E,, respectively. These results indicate the improvement in the

plastic mechanism of the rehabilitation case E, by comparison to the other bracing cases.

6.8 HYSTERETIC CHARACTERISTICS

The hysteretic characteristics of the eccentric bracing rehabilitation was investigated
using a static cyclic analysis. The response of the eccentric bracing case E, was obtained due
to the application of a static cyclic loading and was compared with those of the existing
building and the concentric bracing case V,. Static cyclic analysis of nonductile RC buildings
using the code lateral load distribution can provide important information on the hysteretic

aspects of the building under the effect of lateral loading. One of the important aspects of the
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building response under the effect of lateral loading is the energy dissipation capacity of the
load-displacement loops. Static cyclic analysis is especially useful when comparing the
responses of the existing structure and different rehabilitation options.

A displacement controlled analysis was performed on the existing three-story building
and the two rehabilitation cases V, and E, using the code lateral load distribution. The roof
displacement of the buildings was controlled using the roof displacement history shown in
figure 6.11. The lateral loading used in the analysis was the code lateral load distribution.
Figures 6.12 to 6.14 represent the relationships between the roof drift ratio and the base shear
coefficient of the existing building and the two rehabilitation cases. In these figures, the
eccentric bracing rehabilitation case E, exhibited significant improvement in its hysteretic
characteristics as compared to those of the existing building and the concentric bracing
rehabilitation case V,. This improvement in the hysteretic characteristics is mainly because of
the enhancement in the plastic mechanism of the rehabilitation steel system as a result of the
stable inelastic behaviour of the steel links. The cumulative dissipated energies calculated as
the areas under the lateral load-displacement loops of figures 6.12 to 6.14 were compared in
figure 6.15. In figure 6.15, the normalized dissipated energy = the dissipated energy /
(building weight x building height). The figure indicates that eccentric bracing rehabilitation
case is superior in its energy dissipation capacity as compared to the concentric bracing
rehabilitation case. The significant improvement in the hysteretic characteristics of the
eccentric bracing represent a major advantage of the eccentric bracing rehabilitation.

An important parameter that may affect the behaviour of the eccentric brace

rehabilitation case is the link deformation angle developed in the steel links under the effect
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of the static cyclic loading. Figures 6.16 represents the relationships between the roof drift
ratio and the link maximum deformation angle in the various stories for the rehabilitation case
with eccentric bracing. Figure 6.17 represents the relationship between the story drift ratio
and the link deformation angle of the first story for the same rehabilitation case. In order to
limit the link deformation angles below 0.1 radians, the roof and story drift ratios of the
rehabilitated building should not exceed 0.88% and 1.83%, respectively. This limitation on
the rehabilitated building deformation represents a major disadvantage of using eccentric
bracing for rehabilitation of existing RC buildings.

The effect of eccentric steel bracing on the levels of axial and shear forces developed
in the building members is evaluated. Eccentric steel bracing system will resist the lateral
loads by producing axial forces in the building beams and columns. Tables 6.4 and 6.5
summarize the maximum axial forces developed in the frame members of the existing building
and the rehabilitation cases V, and E, due to the application of the gravity loads and the static
cyclic loading. In the tables, the level of axial forces is presented as the ratio of the maximum
force developed in the member and the axial capacity of the member in compression or
tension. The results summarized in table 6.4 indicate that the eccentric bracing caused an
increase in the compressive axial load levels acting on the columns. No tensile axial forces
were developed in the columns. Axial compression and tension forces were developed in the
beams of the nonductile frame as shown in table 6.5. All the column axial forces are below
the axial load at the balanced condition of the column cross section (The ratio between the
balanced axial load and the column axial capacity in compression is equal to 0.41). The

maximum axial force levels developed in the frame members of the rehabilitation case E, were
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slightly lower than those developed in the rehabilitation case V,.

The maximum shear forces developed in the frame members due to the application of
the static cyclic loading are presented in tables 6.6 and 6.7. The table shows the maximum
shear forces and the corresponding axial loads developed in the frame members of the
rehabilitation cases V, and E, when subjected to the static cyclic loading. The maximum
shear forces were calculated in two separate cases. The first case is when the member is
subjected to a compressive axial force and the second case is when the member is subjected
to a tensile axial force.

The levels of shear forces developed in the frame members of the rehabilitation cases
V, and E, were found to be higher than the shear levels developed in the columns and beams
of the existing building. The maximum shear force levels developed in the frame members
of the rehabilitation case E, are lower than those developed in the frame members of the
rehabilitation case V,. The shear capacity of the frame members were calculated using the
shear strength equation proposed by Priestley et al. (1994) which was presented in details in
Chapter S. The calculated shear capacities of the columns and beams are equal to 143.0 kN
and 193.75 kN, respectively. The contribution of the axial compressive loads was neglected
in the calculations, leading to more conservative estimates of the shear strength. The
parameter k is considered equal to 0.1 assuming that the members suffered form severe
inelastic deformation. The shear capacities of the concrete columns and beams of the bracing
cases V, and E, are higher than the shear demands imposed by the static cyclic loading. For
members subjected to tensile axial forces, the contribution of the transverse reinforcement

alone exceeded the shear demands imposed by the cyclic loading.



222

6.9 SEISMIC RESPONSE

The seismic behaviour of the two rehabilitation cases V, and E, were studied under
the effect of earthquake loading. The purpose of the study is to evaluate the effect of the
changes in the stiffness and in the energy dissipation capacity of the eccentric bracing
rehabilitation case on its seismic performance. The two rehabilitation cases V, and E, were
subjected to scaled versions of the twelve ground motion records presented in Chapter 4. The
seismic performance of the two rehabilitation cases were compared in terms of deformations
and damage indices. The dynamic analysis of the building was performed using a time step
increment of 0.005 second and Rayleigh damping which was defined to achieve 2.0% viscous
damping in the first two natural modes of the building.

Table 6.8 summarizes the maximum roof drift, story drift of the two rehabilitation
cases due to the application of scaled versions of the twelve ground motion records. The table
shows that in eight of the ground motion records (no. 1,2,3,4,5,8,10 and 11), the eccentric
bracing rehabilitation case achieved significantly lower deformation levels than those of the
concentric bracing rehabilitation case. In the remaining four ground motion records (no. 6,7,9
and 12), the eccentric bracing rehabilitation case experienced deformation levels that are
slightly higher than those of the concentric bracing rehabilitation case. The performance of
the eccentric bracing rehabilitation when subjected to records 6,7,9, and 12 may be because
of the changes in the stiffness which may lead to an increase in the seismic demands of the
ground motions as compared to those of the concentric bracing case. The change in the
seismic demands in case of records 9 and 12 may be attributed to the changes in the building

elastic stiffness. For these ground motions, the elastic spectral forces of the eccentric bracing
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case E, are higher than those of the concentric bracing case V as shown in table 6.3. In case
of records 6 and 7, the change in the seismic demands may be attributed to the changes in the
building inelastic stiffness which can not be evaluated from the elastic spectral forces
presented in table 6.3. Table 6.9 summarizes the strength and stiffness based damage indices
of the two rehabilitation cases due to the application of scaled versions of the twelve ground
motion records. The results summarized in the tables 6.8 and 6.9 indicate that for many of the
ground motion records, eccentric bracing rehabilitation showed an improvement in the seismic
performance by comparison to the concentric bracing rehabilitation. This improvement in
performance can be attributed to the enhanced energy dissipation capacity of the eccentric
bracing rehabilitation.

Table 6.10 summarizes the link deformation angles of the eccentric bracing case due
to the application of the ground motion records. The ratio between the link deformation
angle y and the story drift angle 0 is calculated and is presented in the table. This ratio was
found to be close to the ratio calculated from equation 6.5 (/0 =H/e= 6.0). This indicates
that this ratio can be approximately considered independent on the loading condition. The
difference between the y/0 ratio calculated from equation 6.5 and the values obtained from
the dynamic analysis is because the axial deformations of the brace members and the RC
frame members were neglected in the derivation of equation 6.5.

The mean of the seismic performance parameters of the eccentric bracing case E, are
calculated at multiples of 0.1 g increments for all the earthquake records. The performance
parameters are compared with those of the existing three-story building and the rehabilitation

case V,. The seismic performance parameters are related to the PGA level as shown in
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figures 6.18 to 6.21. The figures represent the relationships of the PGA level versus the mean
of the roof drift, the story drift and the damage indices D,” and D,, respectively. The results
shown in the figures indicate that on average, the eccentric brace rehabilitation caused a
significant improvement in the seismic performance by comparison with the response of the
existing building. The mean levels of deformation and damage indices were significantly
lower in the eccentric bracing case E, than in the concentric bracing case V,. At PGA=0.5
g, the ratios between the performance parameters of case V, to those of case E, were, 1.18,
1.23, 1.53, 1.20 for the roof drift, the story drift, the damage index D,’ and the damage index
D,, respectively. The improved performance of the eccentric bracing case E1 can be
attributed to the enhancement in the energy dissipation capacity of the eccentric bracing as
a result of the stable inelastic behaviour of the steel links.

Figure 6.22 shows examples of the distribution of damage due to the inelastic
response of the rehabilitation cases V, and E,. The damage distribution of figure 6.22 was due
to the application of the Monte Negro ground motion. The numbers in the figures show the
formation sequence of some selected plastic hinges. Numbers in italic font are for the column
hinges while numbers in regular font are for the beam hinges. Damage distribution of the
existing three-story building due to the application of the Monte Negro ground motion was
presented in Chapter 5. In the rehabilitation case V, (PGA=0.475 g), hinging starts in the
beams of the first and second floors due to pullout of the bottom reinforcement and yielding
of the top reinforcement. With the increase in the earthquake intensity, damage spreads to
the columns of the first and second stories. At the final stage of response, all the first story

columns experienced splice failure at the bottom ends and yielding of the reinforcement at the
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top ends. No damage was observed in the columns and beams of the third story. Brace
buckling was observed in all the steel bracing members of the first and second stories and in
three brace members of the third story.

Damage to the RC members of the rehabilitation case E, due to the application of the
Monte Negro ground motion (PGA=0.475 g) was similar to that of the rehabilitation case V,.
Hinging starts in the beams of the first and second floors and spread to the columns of the
first and second stories with the increase in the earthquake intensity. The columns and beams
of the third story remained undamaged. All the steel brace members of the rehabilitation case

E, behaved elastically. Yielding of steel shear links occurred in all the building stories.

6.10 EFFECT OF THE STEEL LINK DISTRIBUTION ALONG THE HEIGHT

The effect of the steel link distribution along the height of the RC building was
investigated by comparing the seismic responses of the two rehabilitation cases E, and E, with
eccentric bracing. The two rehabilitation cases have different distribution of eccentric bracing
along the RC building height. The seismic performance of the eccentric brace rehabilitation
case E, was obtained using the selected twelve ground motion records. Table 6.11
summarizes the maximum roof drifts and story drifts experienced by the rehabilitation case
when subjected to the ground motion records. The damage indices calculated for the same
rehabilitation case are summarized in table 6.12 while the link deformation angles are given
in table 6.13.

The mean of the seismic performance parameters of the eccentric bracing case E, are

calculated at multiples of 0.1 g increments for all the earthquake records. The performance
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parameters are compared with those of the existing building and the rehabilitation case E,.
The seismic performance parameters are related to the PGA level as shown in figures 6.23 to
6.26. The figures represent the relationships of the PGA level versus the mean of the roof
drift, the story drift and the damage indices D,’ and D,, respectively. The resuits shown in
the figures indicate that in general, the eccentric bracing case E, achieved significantly lower
deformation and damage indices than those of the rehabilitation case E,. The enhanced
seismic performance of the bracing case E, is mainly because of the improvement in the plastic
mechanism of the building as indicated from the values of the parameter v calculated for both
the rehabilitation cases in section 6.7. The value of v reached 0.50 and 0.20 for the
rehabilitation cases E, and E,, respectively. The lower value of v for the rehabilitation case
E, is because of the uniformity of the story displacement along the building height.

The levels of axial and shear forces developed in the building members of the
rehabilitation case E, due to the application of the Monte Negro earthquake (PGA=0.6 g) are
presented in tables 6.14 and 6.15, respectivelly. The level of axial force is presented as the
ratio of the maximum force developed in the member and the axial capacity of the member
in compression or tension. The results summarized in table 6.14 indicate that the maximum
axial force levels developed in the rehabilitation case E, are close to the levels developed in
the rehabilitation case E,. No tensile axial forces were developed in the columns. Axial
compression and tension forces were developed in the beams of the nonductile frame. All the
column axial forces are below the axial load at the balanced condition of the column cross
section. The maximum shear force levels developed in the frame members of the

rehabilitation case E, (Table 6.15) are close to the levels developed in the columns and beams
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of the rehabilitation case E,. The variation in the maximum shear forces calculated for each
of the building stories of the rehabilitation case E, was small due to the uniformity of the story
displacement along the building height. The shear capacities of the concrete columns and
beams (calculated before in section 6.8) are higher than the shear demands developed in the
frame members of the rehabilitation case E, due to the application of the earthquake loading.

Damage distribution of the rehabilitation cases E, and E, due to the application of the
Monte Negro ground motion is shown in figure 6.22. The damage distribution of the
rehabilitation case E, was discussed in section 6.9. In the rehabilitation case E, (PGA=0.475
g), hinging starts in the beams of the second floor and in the columns of the third story. With
the increase in the earthquake intensity, damage spread to the beams of the first floor and to
the second story columns. At the final stage of response damage spread to the columns of
the first story. All the first and third story columns experienced splice failure at the bottom
ends and yielding of the reinforcement at the top ends. No damage was observed in the
beams of the third floor. All the steel brace members of the rehabilitation case E, behaved
elastically and all the steel shear links experienced shear yielding.

The number of plastic hinges in RC members of the rehabilitation case E, was larger
than that of the rehabilitation case E, This can be attributed to the improvement in the plastic
mechanism of the rehabilitation case E, which led to the participation of more RC elements
in the building inelastic response. The improvement in the plastic mechanism of the
rehabilitation case E, is also demonstrated in figure 6.27. The figure shows the damage
distribution of the rehabilitation cases E, and E, due to the application of the El Centro

ground motion. The number of of plastic hinges in RC members of the rehabilitation case
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E, was significantly larger than that of the rehabilitation case E;

6.11 SUMMARY

An analytical model for vertical shear links was implemented in the DRAIN-2DX
computer program. One concentric and two eccentric steel bracing rehabilitation cases were
analyzed. Eccentric bracing cases exhibited better ability to dissipate energy under the effect
of static cyclic load as compared to the behaviour of the concentric bracing case. The
improvement in the hysteretic characteristics of the eccentric bracing cases was attributed to
the stable inelastic behaviour of the vertical shear links.

The analysis performed on the eccentric brace rehabilitation case indicated that the
link deformation angle is an important parameter. In order to limit the link deformation angle
below the allowable level v, , the story drift angle (story displacement / story height) of the
rehabilitated building should not exceed y, x (link length / story height). This limitation on
the rehabilitated building deformation represents a major disadvantage of the use of eccentric
bracing in seismic rehabilitation of existing concrete buildings.

The improvement in the seismic performance of the nonductile building when using
well designed eccentric bracing rehabilitation is expected to be greater than that of the
concentric bracing as long as the building deformation remains below the limits that cause the
maximum allowable link deformation angle. The relationship between the deformation angle,
v, of the vertical links and the story drift angle, 6, can be approximated as 0=y x (link length
/ story height). This relationship was found to be independent of the loading conditions.

The distribution of the vertical link strength along the building height was found to
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have a significant effect on the characteristics of the developed plastic mechanism under the
effect of lateral load. It is suggested that the distribution of vertical steel link strength along
the height of the building should be selected to obtain a uniform distribution of story drift
along the frame height. The uniformity of story displacement along the building height can

be evaluated using the parameter v introduced in Chapter 3.
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Table 6.1 Properties of the vertical links used in rehabilitating the three story building

Section M, =M, | V,=09V, e Kinm K,
(kN.m) (kN) (m) (kN.m) (kN/m)
W200x46 148.80 203 0.60 4.55x10* 167100

Table 6.2 Free vibration characteristics of the rehabilitation cases

Case First mode shape Second mode shape
T, |Modal [1* floorR™floorB™ floor] T, |Modal [1* floorR™ floor3™ floor
(sec) | mass* | displ. | displ. | displ. | (sec) mass* | displ. | displ. | displ.
V, 046 | 091 | 0.43 0.79 1.00 | 0.16 | 0.08 1.00 | 0.48 | -0.81
E, 059 | 091 | 044 | 080 | 1.00 | 020 | 0.08 | 1.00 | 0.47 | -0.81
E, 057 1 0.84 { 030 | 065 | 1.00 | 022 | 0.13 | 1.00 | 0.99 | -0.94

* As a fraction of the total mass
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Table 6.3 Elastic spectral forces (V/W) of the rehabilitation cases

Rec. Elastic spectral force
No. Earthquake Concentric | Eccentric Eccentric
brace case V, |brace case E, | brace case E,
1 Parkfield, California 2.14 0.53 0.61
2 Nahanni, Canada 0.88 0.79 0.67
3 Imperial Valley, California 3.36 2.1 2.97
4 Kemn County, California 3.49 2,19 2.20
h) San Fernando, California 1.73 1.90 1.86
6 San Fernando, California 2.15 1.83 228
7 Monte Negro, Yugoslavia 4.18 3.08 3.76
8 Long Beach, California 2.11 3.46 3.21
9 Lower California 242 2.69 2.88
10 San Fernando, California 1.75 2.56 296
11 Near E. Coast of Honshu, 3.42 2.50 2.69
Japan
12 Mexico 227 3.29 3.86
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Table 6.4 Maximum axial forces developed in the frame columns adjacent to steel members of the

bracing cases V, and E, due to the application of the static cyclic loading

Story Existing building Bracing case V, Bracing case E,
Compression| Tension |Compression| Tension |Compression| Tension

1 o.11° - 0.22 - 0.20° -

2 0.07 - 0.13 - 0.12 -

3 0.04 - 0.04 - 0.05 -

* As a ratio from the axial capacity

Table 6.5 Maximum axial forces developed in the frame beams of the bracing cases V, and E, due

to the application of the static cyclic loading

Story Existing building Bracing case V, Bracing case E,
Compression| Tension |[Compression| Tension |Compression| Tension
1 0.001° 0.05° 0.025 0.30 0.021° 0.30°
2 0.005 0.02 0.027 0.33 0.024 0.24
3 0.003 0.01 0.027 0.31 0.020 0.23

* As aratio from the axial capacity
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Table 6.6 Maximum shear forces (kN) developed in the frame columns adjacent to steel members

of the bracing cases V, and E, due to the application of the static cyclic loading

Story Maximum shear with compressive axial force
Bracing case V, Bracing case E;
Shear force|Axial force |Shear force|Axial force
1 105.2 864.0 100.4 796.7
2 72.2 5244 743 270.9
3 213 135.6 50.4 137.7

Table 6.7 Maximum shear forces (kN) developed in the frame beams of the bracing cases V, and
E, due to the application of the static cyclic loading

Story Maximum shear with compressive axial force

Maximum shear with tensile axial force

Bracing case V,

Bracing case E,

Bracing case V,

Bracing case E,

Shear Axial Shear Axial Shear Axial Shear Axial
1 159.3 117.9 140.6 167.2 120.6 131.5 84.6 133
2 138.1 96.65 129.1 143.5 118.2 124.2 81.1 160.4
3 533 150.2 97.79 142.4 55.7 585 50.8 150.4
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Tabie 6.8 Displacement response of the rehabilitation cases V, and E,

cuntagie [ o [ Bpofiecmeemic [ Dt ate e
@ Roof |1% story[2™ story|3™ story] Roof |1® story 2™ story|3™ story
1 1.80 | 1.68 3.18 1.48 0.61 0.94 1.71 1.19 0.50
2 1.75 1.16 231 1.08 0.35 0.97 1.80 0.93 0.39
3 0.48 1.00 2.26 0.62 0.13 0.87 1.87 0.66 0.23
4 0.50 | 1.00 2.13 0.80 0.13 0.85 1.55 0.81 0.23
S 050 | 1.04 2.33 0.69 0.20 0.84 1.76 0.66 0.28
6 0.65 | 0.88 1.56 0.84 0.27 0.79 1.65 0.62 0.37
7 048 | 0.97 1.84 0.89 0.27 091 1.92 0.69 0.23
8 0.28 |collapse [collapse |collapse [collapse | 0.77 1.71 0.59 0.24
9 0.40 | 0.83 1.75 0.63 0.20 0.87 1.85 0.73 0.19
10 032 ] 131 3.27 0.72 0.12 0.88 1.85 0.64 0.21
11 0.50 | 1.21 2.26 1.19 0.29 1.01 1.96 0.92 0.24
12 0.28 | 0.83 1.69 0.76 0.12 0.84 1.84 0.62 0.25

* The earthquakes corresponding to these numbers are listed in table 6.3
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Table 6.9 Damage indices of the rehabilitation cases V, and E,

Earthquake| PGA | Damage indices of the | Damage indices of the
No.* (2) bracing case V, bracing case E,
D, D, D, D,

1 1.80 0.66 0.85 0.27 0.72
2 1.75 0.36 0.70 0.21 0.64
3 0.48 0.48 0.72 0.26 0.59
4 0.50 045 0.70 0.23 0.60
5 0.50 0.40 0.65 0.20 0.48
6 0.65 0.20 0.51 0.19 0.49
7 0.48 0.24 0.59 0.30 0.50
8 0.28 | collapse | coilapse 0.17 0.52
9 0.40 0.21 0.47 0.26 0.51
10 0.32 0.77 0.86 0.28 0.57
11 0.50 0.31 0.64 0.26 0.62
12 0.28 0.21 0.52 0.25 0.53

* The earthquakes corresponding to these numbers are listed in table 6.3
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Table 6.10 Link deformation angel y (radians) of the retrofitting case E,

Ear;?:t:ake P((; ;‘ 1*story | 2®story | 3“story | ¥Ymu/Oma
1 1.80 0.094 0.066 0.025 5.53
2 1.75 0.101 0.051 0.018 5.63
3 0.48 0.107 0.035 0.009 5.73
4 0.50 0.088 0.044 0.009 5.70
5 0.50 0.100 0.034 0.012 5.71
6 0.65 0.094 0.032 0.017 5.69
7 0.48 0.110 0.036 0.009 5.74
8 0.28 0.098 0.030 0.010 5.71
9 0.40 0.106 0.033 0.008 5.72
10 0.32 0.106 0.039 0.007 5.75
11 0.50 0.113 0.050 0.009 5.74
12 0.28 0.105 0.032 0.010 5.72

* The earthquakes corresponding to these numbers are listed in table 6.3
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Table 6.11 Displacement response of the rehabilitation case E,

Drift of the eccentric
Earthqliake PGA brace case E, (%)
No- ® Roof |1* story [2™ story|3™ story

1 1.80 1.01 1.68 0.88 1.43
2 2.20 1.43 1.36 1.66 1.67
3 0.72 1.02 1.05 1.51 0.68
4 0.73 1.27 1.61 1.76 0.68
5 0.68 1.40 1.74 1.60 0.98
6 1.00 1.19 1.38 1.53 1.44
7 0.60 1.44 1.63 1.61 1.26
8 0.35 1.08 1.83 1.05 0.56
9 0.54 1.12 1.44 1.37 0.69
10 0.42 1.19 1.66 1.41 0.52
11 0.50 1.09 0.92 1.66 0.77
12 0.40 1.37 1.62 1.74 0.87

* The earthquakes corresponding to these numbers
are listed in table 6.3
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Table 6.12 Damage indices of the rehabilitation case E,

Earthquake] PGA | Damage indices of the
No.* ® brace case E,
D, D,

1 1.80 0.20 0.64
2 2.20 0.22 0.67
3 0.72 0.15 0.61
4 0.73 0.25 0.74
5 0.68 0.21 0.66
6 1.00 0.22 0.66
7 0.60 0.22 0.61
8 0.35 0.17 0.52
9 0.54 0.21 0.59
10 0.42 0.33 0.50
11 0.50 0.15 0.49
12 0.40 0.33 0.56

* The earthquakes corresponding to these
numbers are listed in table 6.3
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Table 6.13 Link deformation angel y (radians) of the rehabilitation case E,

Ear;1:tiake P((g)A 1*story | 2™ story | 3™story | ¥ma/Oma
1 1.80 0.094 0.048 0.080 5.61
2 2.20 0.076 0.093 0.094 5.65
3 0.72 0.058 0.085 0.035 5.67
4 0.73 0.092 0.100 0.035 5.67
S 0.68 0.099 0.091 0.053 5.71
6 1.00 0.078 0.086 0.080 5.67
7 0.60 0.093 0.091 0.070 5.71
8 0.35 0.105 0.058 0.028 5.74
9 0.54 0.082 0.077 0.036 5.69
10 0.42 0.094 0.079 0.026 5.69
11 0.50 0.051 0.094 0.040 5.69
12 0.40 0.092 0.099 0.047 5.70

* The earthquakes corresponding to these numbers are listed in table 6.3
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Table 6.14 (a) Maximum axial forces developed in the frame columns adjacent to steel members
of the bracing case E, due to the application of the Monte Negro earthquake (PGA=0.6 g)

Story Existing building Bracing case E,
Compression Tension Compression Tension

1 0.11* - 0.15* -

2 0.07 - 0.11 -

3 0.04 - 0.05 -

* As a ratio from the axial capacity

Table 6.14 (b) Maximum axial forces developed in the frame beams of the bracing case E, due to
the application of the Monte Negro earthquake (PGA=0.6 g)

Story Existing building Bracing case E,
Compression Tension | Compression Tension
1 0.003* 0.06* 0.022 0.30
2 0.005 0.04 0.028 0.33
3 0.005 0.03 0.018 0.23

* As a ratio from the axial capacity
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Table 6.15 (a) Maximum shear forces (kN) developed in the columns adjacent to steel members of
the bracing case E, due to the application of the Monte Negro earthquake (PGA=0.6 g)

Story Maximum shear with
compression axial force
Shear force | Axial force
1 93.9 532.6
2 93.0 4545
3 81.6 152.6

Table 6.15 (b) Maximum shear forces (kN) developed in the frame beams of the bracing case E,

due to the application of the Monte Negro earthquake (PGA=0.6 g)

Story Maximum shear with Maximum shear with tensile
compression axial force axial force
Shear force | Axial force | Shear force | Axial force
1 141.0 112.2 88.6 145.9
2 141.4 125.9 92.2 52.1
3 109.5 135.5 81.1 136.9
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Figure 6.1 Various types of eccentrically braced steel frames
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Figure 6.2 Connection details of a vertical steel link
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Figure 6.3 Details of a connection between steel brace member and RC frame
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Figure 6.4 A plastic mechanism of an eccentrically braced steel frame
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Figure 6.5 An assumed plastic mechanism of a reinforced concrete frame provided with a
vertical steel link
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Figure 6.6 Link model (Ramadan and Ghobarah, 1995)
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Figure 6.7 Moment-rotation relationship of a steel link
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Figure 6.8 Shear force-shear deformation relationship of a steel link
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(a) Case V,

1 1

Brace members are (HSS 114.3 x 114.3 x 7.95)

o AM

Brace members are (HSS 114.3 x 114.3 x 7.95)
Link elements are W200x46, e= 0.6 m

b3=1/9

b2=1/3

(c) Case E,

b1=5/9

Brace members are (HSS 114.3 x 114.3 x 7.95)
Link elements are W200x46, e=0.6 m

Figure 6.9 Rehabilitation cases
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Figure 6.11 Roof displacement history for the static cyclic analysis
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Figures 6.14 Relationship between the roof drift ratio and the base shear coefficient of the
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Figures 6.15 The dissipated energy of the existing building and the rehabilitated cases V,
and E,
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e Yielding of top beam reinforcement
= Column reinforcement yielding

=  Shear link yielding

+ Bracebuckling

- Pullout of beam bottom reinforcement

(or beam yielding in positive moment)
Column splice failure

(a) Rehabilitation case V,, PGA= 0.475g
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(b) Rehabilitation case E;, PGA= 0475 g

(c) Rehabilitation case E;, PGA=0.60 g

Figure 6. 22 Hinge type and location of the rehabilitation cases V,, E, and E, due to the
application of the Monte Negro earthquake
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Figure 6.25 The relationship between the PGA and the mean of the damage index D,
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Figure 6.26 The relationship between the PGA and the mean of the damage index D,



258

e Yielding of top beam reinforcement ©  Pullout of beam bottom reinforcement

= Column reinforcement yielding (or beam yielding in positive moment)
«  Shear link yielding s Column splice failure
s+  Bracebuckling

(b) Rehabilitation case E,, PGA=0.72 g

Figure 6.27 Hinge type and location of the rehabilitation cases E, and E, due to the
application of El Centro earthquake



CHAPTER 7
SEISMIC PERFORMANCE OF THE REHABILITATED

NINE-STORY BUILDING

7.1 INTRODUCTION

The seismic performance of the nonductile nine-story building presented in Chapter
4 was determined when rehabilitated using concentric steel X-bracing inserted in the frame
openings and steel frames attached to the building exterior frames. The steel beams and
columns were represented using the steel beam-column element of the DRAIN-2DX
computer program. Seismic damage to the rehabilitated nonductile nine-story building was
evaluated in terms of roof drift, story drift and damage indices that measure the deterioration
of the building stiffness and load carrying capacity.

The seismic performance of rehabilitated nine-story building was determined using the
selected twelve ground motion records presented in Chapter 4. The effects of the
characteristics of both the ground motions and the steel systems on the seismic performance
of the rehabilitated building were evaluated. The rehabilitation cases considered for the
nonductile nine-story building included, the addition of steel bracing into the RC frame
openings and the attachment of a moment resisting steel frame and a braced steel frame to the
RC building exterior frames. The impact of the steel systems on the levels of axial and shear
forces developed in the rehabilitated building columns is evaluated. The simplified approach

presented in Chapter 2 was applied for predicting the seismic response of the rehabilitated
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building. The accuracy of the simplified approach in calculating the seismic performance

parameters of the rehabilitated nine-story building was evaluated.

7.2 CONCENTRIC X-BRACE REHABILITATION

The performance of the concentric bracing rehabilitation was investigated in this
section. The steel bracing was provided to one bay only of the building exterior frames. The
brace members were selected as round hollow sections (HSS 114 x 8) and were distributed
uniformly along the frame height. Two brace configurations were considered as shown in
figure 7.1. The brace properties of configuration I are similar to the brace properties
presented in section 5.5, while the brace properties of configuration II are similar to the brace
properties presented in section 6.6.

The lateral load-roof drift relationships of the existing and the rehabilitated nine-story
building were determined using a pushover analysis. The pushover analysis was performed
using the lateral load distribution specified by the National Building Code of Canada (NBCC,
1995). The pushover results are shown in figure 7.2. Brace configuration I provided more
strength and stiffness to the rehabilitated nine-story building than those provided by brace
configuration II. However, brace configuration II is more economical in terms of the amount
of steel required for rehabilitation.

In the rest of this chapter, the concentric bracing rehabilitation is represented only by
brace configuration I. The parameter b for this rehabilitation case is approximately equal to
1.5. This indicates that the load carrying capacity of the rehabilitated building is 1.5 times the

load carrying capacity of the existing building.
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7.2.1 Free Vibration Characteristics of the Braced Nine-Story Building

The free vibration characteristics of the braced nine-story building is summarized in
table 7.1. A reduction of about 26 % in the fundamental period of the nine-story building has
occurred as a result of the steel brace rehabilitation. Table 7.2 summarizes the elastic spectral
forces for all the earthquake records corresponding to the fundamental period of the existing
and the rehabilitated nine-story building. The elastic spectral force can be considered as an
approximate relative measure of the intensity of the seismic demands acting on the building.
In most of the twelve ground motion records, the steel brace rehabilitation led to an increase

in the seismic demand acting on the nonductile nine-story building.

7.2.2 Seismic Performance of the Braced Nine-Story Building

In this section, the seismic response of the braced nine-story building when subjected
to the ground motions was determined. Table 7.3 presents the global seismic response
parameters (deformations and damage indices) of the rehabilitated building for each of the
ground motion records when scaled to different PGA levels. The relationships between the
mean of the seismic performance parameters and the PGA level of the ground motion are
shown in figures 7.3 to 7.6. The figures represent the variations of the mean roof drift ratio,
story drift ratio and the damage indices D, and D,” with the PGA level. The results indicate
that the steel brace rehabilitation resulted in an improvement in the building seismic
performance parameters. The reductions in the seismic performance parameters reached
approximately 28.0%, 23.0%, 34.0% and 16.0% at PGA=0.4 g for the mean roof drift, story

drift and the damage indices D, and D,’, respectively.



262

Figures 7.7 and 7.8 show examples of the distribution of damage due to the inelastic
response of the existing and the braced nine-story buildings, respectively. The damage
distributions of figures 7.7 and 7.8 was due to the application of the Long Beach ground
motion. The numbers in the figures shows the formation sequence of some selected plastic
hinges. Numbers in italic font are for the column hinges while numbers in regular font are for
the beam hinges. For the case of the existing building (PGA=0.24 g), the inelastic response
was dominated by beam hinging either because of pullout of the bottom reinforcement or
yielding of the top reinforcement. Beam hinging starts in the bottom stories and then spreads
to the other stories with the increase in the intensity of the earthquake. At a late stage of
response, some column plastic hinges start to develop at the column top ends. This was
followed by hinging of the bottom ends of the first story columns.

For the case of the braced building PGA=0.23 g), the inelastic response starts in the
bottom three stories by beam hinging due to pullout of the bottom beam reinforcement and
yielding of the top beam reinforcement. With the increase in the intensity of the earthquake,
beam hinging starts to spread to the other stories and column hinging starts to develop in both
the top and bottom ends of the columns adjacent to the steel bracing members. At a late
stage of response, hinging starts in some of the columns that are not adjacent to the bracing
members. Damage to the top three stories was relatively small by comparison to the bottom
stories. Brace buckling in compression and yielding in tension were observed in most of the
brace members up to the eighth story. The brace members of the ninth story remained in the
elastic range. The post buckling behaviour of the steel brace members was taken into account

in the brace model.



263

Table 7.4 shows the distribution of the maximum axial forces in the building columns
connected to the steel bracing members before and after rehabilitation in case of the Long
Beach earthquake. In the table, the level of the axial force is presented as the ratio between
maximum force developed in the member and the axial capacity of the member in compression
or tension. The column axial capacity in compression was calculated considering both the
steel and the concrete contributions while in tension it was calculated considering only the
steel contribution and neglecting the concrete tensile strength. Axial tensile forces were
developed in the lower story columns connected to the steel bracing members. The axial
forces developed in the other columns of the building are compression and are relatively
smaller in magnitude than the axial forces acting on the columns adjacent to the steel bracing
members.

The results summarized in table 7.4 indicate that the rehabilitation of the nine-story
building using steel bracing inserted in the frame openings caused a significant increase in the
axial load levels acting on the building columns. High levels of axial tensile forces were
developed in the first story columns adjacent to the bracing members. These high levels of
axial forces developed in the building columns represent an undesirable situation especially
when these forces approach the axial capacity of the columns in compression or tension. A
possible solution for the problem of axial force increase in the building columns is by
providing steel members along the columns to increase their axial load resistance or by

replacing the steel bracing scheme by an attached steel frames to the building exterior frames.
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7.3 REHABILITATION USING ATTACHED STEEL FRAMES

Attached steel frames can be used as a rehabilitation technique for nonductile
reinforced concrete buildings. The stiffness and strength characteristics of both the existing
RC building and the attached steel frames play an important role in determining the overall
performance of the rehabilitated building. The steel frames can be designed as moment
resisting frames or braced steel frames. Moment resisting steel frames and braced steel frames
have different hysteretic characteristics. Figure 7.9 shows suggested details of a connection
between steel frame and an RC frame to transfer the loads between the two systems at the
joint locations. In the figure, the steel frame members are welded to a steel plate at the joint
location. The steel plate is anchored to the RC members using anchor bolts that bear on a
steel plate attached to the other side of the RC member.

To investigate the seismic performance of the existing nine-story building when
rehabilitated using flexible moment resisting steel frames versus that when using stiff
concentrically braced steel frames, two steel frames were designed to rehabilitate the existing
nine-story building. The steel frames are moment resisting frame and a concentrically braced
steel frame. The steel frames are assumed to be attached to the building exterior frames. In
the following sections, the seismic performance of the rehabilitated nine-story nonductile
building was studied using scaled versions of the selected twelve ground motion records listed

in table 4.1.

7.4 MOMENT RESISTING STEEL FRAMES

The steel moment resisting frame is advantageous architecturally as it provides
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unobstructed space between the columns and it also has enhanced energy dissipation capacity.
However, moment resisting frames have low stiffness as compared to braced steel frames.
This will affect the distribution of the lateral forces between the original RC building and the
steel frames especially in the linear elastic range of response. Two identical moment resisting
steel frames were designed to be attached to the two sides of the nonductile nine-story
building. The design details and the performance characteristics of these frames is presented

in the following subsections.

7.4.1 Design of the steel frames

The moment resisting steel frames were assumed to have three bays and were
designed to sustain only the earthquake loading. The frames were designed for nominal base
shear coefficient (V/W) equal to 0.05, which is equivalent to 2503.9 kN. This base shear
level represents approximately the load carrying capacity of the existing building and it was
selected with the intention of doubling the load carrying capacity of the existing structure.
The lateral load was distributed to each floor using the formula specified by the National
Building Code of Canada (NBCC, 1995). Preliminary moments and axial forces in the beams
and columns due to lateral loading were obtained by elastic analysis assuming constant inertia
of all the frame members. Then, preliminary beam and column sizes were selected assuming
the nominal yield stress of the structural steel is 300 MPa. The analysis was refined until final
member sizes were selected. The ductility requirements concerning local stability of the frame
members were satisfied in accordance with the CSA-S16.1-94. The final member sizes are

shown in figure 7.10.
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7.4.2 Characteristics of the Rehabilitated Building

A pushover analysis was conducted in order to compare the initial stiffness and the
load carrying capacity of the rehabilitated building using moment resisting steel frames (Case
MREF1) with those of the existing building. The lateral load-roof displacement relationships
of the existing and the rehabilitated nine-story building are shown in figure 7.11. The results
of the pushover analysis indicate that the ratio between the initial stiffness of the rehabilitated
building and that of the existing building is equal approximately to 1.25. The ratio between
the lateral load carrying capacity of the rehabilitated building and that of the existing building,
b, is equal approximately to 2. The free vibration characteristics of the rehabilitated building
are summarized in table 7.1. The attached moment resisting steel frames caused a reduction
of approximately 12.0% in the fundamental period of the nonductile nine-story building.
Table 7.2 summarizes the elastic spectral forces corresponding to the fundamental period of
rehabilitated building for all the earthquake records when scaled to PGA=1.0 g. On average,
it is observed that attaching the steel frames to the nonductile building caused an increase in
the seismic demands, simply represented by the elastic spectral forces of the ground motions.

In the elastic range of response, the contribution of the steel frames in resisting the
lateral forces is relatively small. The attached moment resisting frames are expected to resist
only 20.0% from the applied lateral load. The small contribution of the moment resisting steel
frames in resisting the lateral load in the elastic range of response is attributed to their low
elastic stiffness. However, when the rehabilitated building enters the inelastic range of
deformation, the contribution of the steel moment resisting frames in resisting the lateral loads

is expected to increase.
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7.4.3 Seismic performance

An inelastic dynamic analysis was carried out on the rehabilitated nine-story building
using the selected twelve ground motion records. The effect of the geometric nonlinearity
(P-A) was considered in the analysis. The seismic analysis results are presented in table 7.5.
The table presents the global seismic response parameters (deformations and damage indices)
for each of the ground motion records when scaled to different PGA levels. The PGA scale
factors of each of the ground motion records were selected to produce various levels of the
building response, including severe inelastic deformation.

Table 7.6 summarizes the maximum deformation demands in the steel frame members
due to the application of the various earthquakes. The deformation demands were presented
as the ratio between the maximum rotation and the yield rotation. The maximum deformation
demands was 0.014 rad. (u,= 3.8) and occurred due to the effect of El Centro ground motion.
For steel members, this rotation demands are not significant. The low level of inelastic
deformation demands is due to the high flexibility of the moment resisting steel frame.

The relationships between the PGA level and the mean of the building seismic
performance parameters due to the application of the twelve ground motion records are
presented in figures 7.12 to 7.15. These figures show the relationships between the PGA
level and the mean of the roof drift ratio, story drift ratio, strength based damage index D’
and the stiffness based damage index D, respectively. The seismic analysis results of the
rehabilitated nine-story building indicate that the attached moment resisting steel frames
caused an improvement in the building seismic performance parameters. At PGA=0.4 g, the

reductions in the seismic performance parameters reached approximately 18.0%, 23.0%,
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21.0% and 14.0% for the mean roof drift ratio, story drift ratio and the damage indices D,
and D, respectively.

Figures 7.16 and 7.17 show examples of the distribution of damage due to the inelastic
response of the rehabilitation case MRF1. The damage distribution of figures 7.16 and 7.17
is due to the application of the Long Beach ground motion (PGA=0.24 g) and the Mexico
ground motion (PGA=0.5 g), respectively. The damage distribution of the RC frame shown
in figures 7.16a and 7.17a is nearly similar to the damage distribution of the existing frame
which was discussed in section 7.2.2. The inelastic response was dominated by beam hinging
either because of pullout of the bottom reinforcement or yielding of the top reinforcement.
With the increase in the intensity of the earthquake, beam hinging was followed by the
development of some column plastic hinges. Figures 7.16b and 7.17b show the distribution
of damage in the moment resisting steel frame. Plastic hinges developed in both the columns
and the beams of the frame. The top three stories experienced relatively small levels of
damage by comparison to the bottom stories.

Table 7.7 summarizes the distributions of the story drifts along the building height due
to the application of different ground motion records. The results in the table indicate that
the third, fourth and fifth stories of the building experienced a higher level of deformation by
comparison to the other building stories. This observation is true for most of the selected
twelve ground motion records and agrees with the dynamic results of the existing nine-story
building which were presented in Chapter 4. The deformation level of the top three stories
was relatively small. There was no increase in the level of column axial forces of the

rehabilitated building by comparison to the case of the existing building. The maximum



269

developed axial force in the concrete columns of the rehabilitation case MRF1 as a ratio of
the column axial capacity in compression is 0.16. This represents a major advantage of the

attached steel frame rehabilitation by comparison with the steel bracing system.

7. BRACED STEEL FRAMES

The lateral forces in concentrically braced steel frames are resisted by axial forces in
the bracing members. The high elastic stiffness of the braced steel frame makes it an efficient
system in resisting the lateral forces acting on the rehabilitated building in the elastic range of
response. However, the inelastic cyclic performance of such systems has shown that repeated
buckling of the brace members causes a reduction in the brace resistance, leading to a
significant decrease in the capability of the concentrically braced frames to dissipate energy.

Two identical braced steel frames were designed to be attached to the two sides of the
nonductile nine-story building. The design details and the performance characteristics of

these frames are presented in the following subsections.

7.5.1 Design of the Braced Steel Frames

The braced steel frames were assumed to have two bays and were designed to resist
only the seismic loading. The steel frames were designed for nominal base shear coefficient
(V/W) of 0.05 which is equivalent to 2503.9 kN. The base shear was distributed to each floor
using the formula specified by the National Building Code of Canada (NBCC, 1995). The
beams were assumed to be pin-connected to the columns. The braced steel frame relies

mainly on the axial load resistance of the brace members in resisting the applied lateral loads.
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The beam and column member sizes were selected assuming the nominal yield stress of the
structural steel is 300 MPa. The brace members were selected as hollow sections with
nominal yield stress of 350 MPa. In selecting these members, the ductility requirements
concerning local stability of the frame members were satisfied in accordance with the CSA-
S16.1-94. The frame columns and beams were designed to remain elastic during response of
the frame under the effect of lateral loading. The inelastic behaviour of the steel frame results
from diagonal brace buckling in compression and yielding in tension. The final member sizes

are shown in figure 7.18.

7.5.2 Characteristics of the Rehabilitated Building

Figure 7.19 shows the lateral load-roof displacement relationships of the existing and
the rehabilitated nine-story building using attached braced steel frames (Case BF1). From the
results of a pushover analysis, the ratio between the initial stiffness of the rehabilitated
building BF1 and that of the existing RC building is equal approximately to 2.2. The ratio
between the lateral load carrying capacity of the rehabilitated building and that of the existing
building, b, is equal approximately to 2.0. The free vibration characteristics of the
rehabilitated building are summarized in table 7.1. The braced steel frames caused a reduction
of approximately 34.0% in the fundamental period of the original nine-story building. From
table 7.2 which summarizes the elastic spectral forces corresponding to the fundamental
period of rehabilitated building, it is observed that on average, using stiff braced frames in
rehabilitating the nonductile building will cause a significant increase in the seismic demands,

simply represented by the elastic spectral forces. In the elastic range of response, the
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contribution of the attached braced steel frames in resisting the lateral forces is significant.
The attached braced steel frames are expected to resist approximately 54.0% of the applied

lateral load.

7.5.3 Seismic performance

An inelastic dynamic analysis was carried out on the rehabilitated nine-story building
(BF1) using the selected twelve ground motion records. The rehabilitated building response
to the ground motions is presented in table 7.8. The table shows the global seismic response
parameters (deformations and damage indices) for each of the ground motion records when
scaled to different PGA levels. The relationships between the PGA level and the mean of the
building seismic performance parameters due to the application of the twelve ground motion
records are shown in figures 7.20 to 7.23. These figures represent the relationships between
the PGA level and the mean of the roof drift, story drift, strength based damage index D, and
the stiffness based damage index D,, respectively. The figures indicate that rehabilitation of
the nine-story building using braced steel frames caused a significant improvement in the
building seismic performance parameters. At PGA=0.4 g, the reductions in the seismic
performance parameters reached approximately 34.0%, 32.0%, 52.0% and 29.0% for the
mean roof drift ratio, story drift ratio and the damage indices D,” and D,, respectively.

Figures 7.24 and 7.25 show examples of the distribution of damage due to the inelastic
response of the rehabilitation case BF1. The damage distribution of figures 7.24 and 7.25 is
due to the application of the Long Beach ground motion (PGA=0.2g) and the Mexico ground

motion (PGA=0.55 g), respectively. Figures 7.24a and 7.25a show the damage distribution
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to the RC frame. Damage to the RC frame of the rehabilitation case BF1 was characterized

by the development of large number of beam hinges caused by the pullout of the bottom beam
reinforcement and yielding of the top beam reinforcement. This was accompanied by the
development of small number of column plastic hinges. Damage to the top three stories was
relatively small by comparison to the other building stories. Figures 7.24b and 7.25b show
the distribution of damage in the steel frame. Brace buckling in compression and yielding in
tension were observed in most of the brace members up to the eighth story. The brace
members of the ninth story remained in the elastic range.

Table 7.9 summarizes the distributions of the story drifts along the rehabilitated
building height due to the application of different ground motion records. The results in the
table indicate that the second, third and fourth stories of the rehabilitated building experienced
higher levels of deformation by comparison to the other building stories. This was observed
for most of the selected twelve ground motion records. The deformation levels of the top
three stories were relatively small. There was no increase in the levels of column axial forces
of the rehabilitation case BF1 by comparison to those of the existing building. The maximum
developed axial force in the concrete columns of the rehabilitation case BF1 as a ratio of the

column axial capacity in compression is 0.16.

7.6 COMPARING OF THE REHABILITATION CASES
In the case of medium-rise buildings, the system of steel bracing inserted in the frame
openings caused high levels of axial forces in the building columns. By comparison, a major

advantage of the attached steel frame rehabilitation systems is in avoiding the significant
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changes in the levels of column axial forces. The rehabilitation cases with attached steel
frames have column axial force levels close to the levels of the existing building.

In all the rehabilitation cases of the nine-story building, the shear forces developed in
the frame members were below the shear capacities of these members. The maximum shear
forces developed in the frame members due to the application of Mexico earthquake are
presented in tables 7.10. The shear capacities of the concrete columns and beams were
calculated using the equations presented in Chapter 5 and were found much higher than the
shear demands imposed by the earthquake loading. The shear demands developed in the RC
members were calculated on the basis of assumed concentric connections between the steel
elements and the RC frame members.

The calculations of the elastic spectral forces of the rehabilitated nine-story building
shown in table 7.2 indicate that on average, the rehabilitation case BF 1 attracted more seismic
forces than the rehabilitation case MRF1. However, the inelastic dynamic results showed that
the rehabilitation case BF1 exhibited better performance than the rehabilitation case MRF1.
At PGA=0.4 g, the reduction in the roof drift, story drift and damage indices D, and D,
reached approximately 18.0%, 23.0%, 21.0% and 14.0% for the case MRF1 and 34.0%,
32.0%, 52.0% and 29.0% for the case BF1, respectively. The two rehabilitation cases BF1
and MRF1 have approximately equal lateral load carrying capacities. This indicates that
rehabilitation of medium rise nonductile buildings using stiff braced steel frames will lead to
better performance than when using flexible moment resisting steel frames.

The analysis results presented in sections 7.2, 7.3 and 7.4 as well as those in Chapter

5 indicate that the steel systems are more efficient in rehabilitating low-rise nonductile
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buildings than in medium-rise nonductile buildings. This conclusion was reached by
comparing the maximum reduction in the response parameters results from the rehabilitation
of the nine-story and the three-story buildings with inserted steel bracing in the frame
openings. For the three-story building the rehabilitation case R was considered as it has
approximately the same value of the parameter b as the nine-story case. For example, the
reduction in the story drift reached 37.0 % in case of the three-story building and only 11.0
% in case of the nine story building. Also, the maximum reduction in the response parameters
results from the rehabilitation case BF1 of the nine-story building and the rehabilitation case
R, of the three-story building was compared. The two rehabilitation cases have b equal
approximately to 2.0. The reduction in the story drift reached 51.0 % in case of the three-
story building and only 32.0 % in case of the nine story building. The differences in the
degrees of improvements in the seismic performance parameters of the three- and nine-story
buildings due to steel system rehabilitation may be attributed to the differences in the
vibrational characteristics of both buildings. The analysis results indicate that bracing the
nine-story building will significantly shorten the fundamental period and therefore cause a
significant increase in the seismic demands acting on the building.

In case of the braced nine-story building, the level of increase in the column axial
forces is much higher than in case of the braced three-story building. The levels of axial
forces developed in the braced three-story building were below the allowable axial capacities
of the concrete columns. The inserted steel bracing system was only efficient in rehabilitating

low-rise nonductile buildings.
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7.7 APPLICATION OF THE SIMPLIFIED APPROACH

The simplified seismic performance evaluation approach presented in Chapter 2 was
applied for evaluating the seismic response of the rehabilitation case with attached moment
resisting steel frame. The hysteretic characteristics of the force-displacement relationships of
both the steel frames and the existing reinforced concrete building were considered in
modelling the force-displacement relationship of the approximate single degree of freedom
model. The analysis results of the approximate SDOF model and the MDOF braced building
using the twelve ground motion records were compared and the accuracy of the simplified
evaluation approach in predicting the seismic performance of braced nonductile RC buildings

was evaluated.

7.7.1 Single Degree of Freedom Model

The properties of the SDOF model for the rehabilitated building were calculated using
the approach described in Chapter 2. Two different SDOF systems were used in the simplified
analysis. The first SDOF system is for representing the elastic behaviour of the structure and
is applicable up to 0.5% roof drift ratio. The second SDOF system is for representing the
inelastic behaviour of the structure and is applicable when the roof drift ratio is greater than
0.5%. The damping ratio used in the equivalent SDOF system models was 2.0%. The
properties of the elastic SDOF model was calculated as follows:

{¥ )T ={0.08, 0.19, 0.31, 0.45, 0.57, 0.69, 0.82, 0.93, 1.0}

{SIT ={0.02, 0.04, 0.06, 0.08, 0.10, 0.12, 0.13, 0.15, 0.31}

M’ = 3.68 x (story mass) = 2,084,607 kg
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L= 5.04 x (story mass) = 2,857,188 kg

V=076 V (.1)
The properties of the inelastic SDOF model was calculated as follows:

{P,}T={0.07, 0.19, 0.33, 0.49, 0.64, 0.77, 0.88, 0.96, 1.0}

{SIT ={0.02, 0.04, 0.06, 0.08,0.10, 0.12, 0.13, 0.15, 0.31}

M’= 4.08 x (story mass) = 2,314,339 kg

L’= 5.33 x (story mass) = 3,022,255 kg

V=079V 72)

The hysteretic force-displacement relationship of the SDOF model was represented
using two spring elements in parallel, one for representing the behaviour of the existing
nonductile building and the other representing the behaviour of the attached steel frames. The
characteristics of the hysteretic force-displacement relationships of the two springs were
selected to produce the same cyclic responses as those of the existing building and the
attached steel frames. The applied lateral load distribution is that suggested by the National

Building Code of Canada (NBCC, 1995).

7.7.2 Seismic Analysis Results of the Simplified Approach

A comparison between the simplified dynamic analysis predictions and the actual
response of the rehabilitation case was presented in figures 7.26 to 7.29. The figures
represent the relationships between the four response factors C,, C,, C, and C, and the story
drift ratio. The definitions of the four response factors C,, C,, C, and G are presented in

Chapter 4. Figures 7.26 and 7.27 compare the predictions of the roof drift and the story drift,
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while figures 7.28 and 7.29 compare the predictions of the damage indices D," and I} ,
respectively. The mean and standard deviation of the four response factors C,, C,, C, and C,
are shown on the figures. On average, the results indicate that the simplified approach
overestimated the roof drift ratio of the building and underestimated the story drift ratio and
the damage indices. This trend agrees with the results of the existing nine-story building
which were presented in Chapter 4. The standard deviations for the damage indices are much
higher than those of the roof drift and the story drift ratios. This trend was also observed in

the results of the existing building presented in Chapter 4.

7.8 SUMMARY

The seismic performance of the nonductile nine-story building was investigated when
rehabilitated using concentric steel X-bracing inserted in the frame openings and steel frames
attached to the building exterior frames. The attached steel frames were designed to double
the lateral load carrying capacity of the existing building. A major advantage of the attached
steel frame rehabilitation systems by comparison with steel bracing rehabilitation is in avoiding
the significant increase in the levels of axial forces in the building columns.

On average, the rehabilitated nine-story building experienced lower levels of
deformation and damage. There was no significant changes in the level of axial forces in the
building columns as a result of attaching the steel frames to the existing building. The
rehabilitation case with attached braced steel frames attracted more seismic forces than the
rehabilitation case with attached moment resisting steel frames. However, the inelastic

dynamic results indicated that rehabilitating medium-rise nonductile buildings using stiff
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braced steel frames will lead to better performance than when using flexible moment resisting
steel frames.

The analysis results indicated that the steel systems are more efficient in rehabilitating
low-rise nonductile buildings than medium-rise nonductile buildings. The maximum reduction
in the response parameters resulted from rehabilitating the three-story building is much higher
than in the case of the nine-story building. The analysis results indicated the applicability of
the simplified approach for predicting the seismic response of the rehabilitated medium-rise

nonductile buildings.
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Table 7.1 Free vibration characteristics of the existing and rehabilitated nine-story building

Case First mode Second mode
T, (sec) k(odal mass*| T, (sec) ]Vlodal mass*|
Existing building 2.26 0.79 0.79 0.11
Braced building 1.68 0.79 0.57 0.12
MRF1 2.00 0.78 0.72 0.11
BF1 1.50 0.77 0.50 0.14

* As a fraction from the total mass

MREF1 is the rehabilitation case with attached moment resisting steel frames
BF1 is the rehabilitation case with attached braced steel frames
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Tabie 7.2 Elastic spectral forces corresponding to the fundamental periods of the existing

and rehabilitated nine-story building

Rec. Earthquake Elastic spectral force (V/W)
No. GA=1.0
© ® 8 | Existing Braced | Using MRF1 | Using BF1
building building
1 Parkfield, 0.21 0.29 0.24 0.33
California
2 Nahanni, 0.10 0.23 0.10 0.35
Canada
3 Imperial Valley, 0.62 0.67 0.59 0.59
California
4 Kern County, 0.40 1.21 0.54 0.89
California
5 San Fermmando, 0.45 0.56 0.50 1.22
California
6 San Fermmando, 0.44 0.54 0.35 0.77
California
7 Monte Negro, 0.60 0.73 0.65 0.82
Yugoslavia
8 Long Beach, 231 2.26 2.63 1.76
California
9 Lower California 0.41 0.66 0.46 0.65
10 San Fernando, 0.68 1.30 0.87 1.94
California
11 Near E. Coast of 0.27 0.57 0.31 0.62
Honshu, Japan
12 Mexico 1.52 1.91 1.56 2.14
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Table 7.3 Global seismic response parameters of the braced nine-story building

Record | Earthquake | PGA | Roof drift | Story drift D, D,
No. ® ratio, % | ratio, %
0.40 0.31 0.64 0.06 0.27
Parkfield,
1 California 1.20 0.82 1.63 0.19 0.64
2.00 1.25 2.41 0.33 0.82
0.60 0.26 0.44 0.00 0.11
Nahanni,
2 C i 1.80 0.7 1.30 0.16 0.54
3.00 1.23 2.56 042 0.80
. 0.15 0.23 0.40 0.00 0.10
Impenial
3 Valley, 0.50 0.69 1.55 0.23 0.66
California
0.75 1.45 3.18 0.58 0.77
0.14 0.30 041 0.00 0.14
Kern County,
4 California 0.42 0.59 1.17 0.14 0.47
0.70 1.30 2.50 0.43 0.76
0.12 0.18 0.28 0.00 0.00
San Fernando,
5 California 0.36 0.62 1.02 0.13 0.54
0.60 1.64 3.49 0.54 0.85
0.11 0.16 0.27 0.00 0.00
San Fernando,
6 California 0.33 0.40 0.69 0.04 0.31
0.55 1.46 2.89 0.39 0.79
0.15 0.31 048 0.00 0.17
7 [MonteNegro,| ;5 | g6 2.18 022 0.70
Yugoslavia
0.75 1.50 3.05 0.64 0.77
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Table 7.3 (continued) Global seismic response parameters of the braced nine-story

building
Record | Earthquake | PGA |Roof drift |Story drit{ D, D,
No. ®) ratio, % | ratio, %

0.05 0.27 0.36 0.01 0.09

Long Beach,
8 California 0.14 1.17 2.52 0.27 0.69
0.23 1.72 3.36 0.50 0.81
0.20 0.27 0.60 0.03 0.23

Lower

9 California 0.60 0.66 1.44 0.20 0.67
1.00 1.25 2.56 0.51 0.79
0.10 034 0.62 0.05 0.21

San Fernando,
10 California 0.30 0.85 1.85 0.19 0.56
0.50 1.55 2.97 0.43 0.82
0.20 0.26 0.56 0.04 0.21

Near E. Coast
11 of Honshu, | 0.60 0.62 1.32 0.17 0.64

Japan

1.00 1.56 3.14 0.61 0.80
0.10 037 0.66 0.05 0.30
12 Mexico 0.30 0.79 1.60 0.20 0.68
0.50 1.54 3.16 0.57 0.78
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Table 7.4 Maximum axial forces developed in the columns connected to the bracing
members of the nine-story building due to the Long Beach earthquake (PGA=0.23)

Story Existing building Braced building
ompression| Tension [Compression| Tension

1 0.22¢ - 0.46 1.03
2 0.20 - 0.40 0.83
3 0.17 - 0.34 0.64
4 0.20 - 0.28 0.44
5 0.17 - 0.22 0.33
6 0.13 - 0.16 0.24
7 0.15 - 0.16 0.10
8 0.10 - 0.09 -
9 0.05 - 0.03 -

* As a ratio of the axial capacity of the columns
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Table 7.5 Global seismic response parameters of the rehabilitation case MRF1

Record | Earthquake | PGA |Roof drift | Story drift D, D,
No. (® ratio, % | ratio, %
0.45 043 0.74 0.04 0.33
Parkfield,
1 California 1.35 1.03 1.78 0.25 0.73
2.25 1.88 2.88 0.59 0.81
0.72 031 064 0.01 0.14
Nahanni,
2 Canada 2.16 1.28 2.01 0.26 0.73
3.60 1.54 2.69 0.53 0.85
0.16 031 0.52 0.01 0.21
Imperial

3 Valley, 0.48 0.99 2.00 0.25 0.78
California | 020 | 184 2.82 0.46 0.82
0.16 0.30 0.50 0.01 0.20

Kern County,
4 California 0.48 0.77 1.39 0.29 0.74
0.80 1.59 2.69 0.59 0.88
0.13 0.25 0.34 0.01 0.03

San Fernando,
5 California 0.39 0.80 1.31 0.19 0.64
0.65 2.08 3.44 0.51 0.88
0.13 0.18 0.32 0.00 0.00

San Fernando,
6 California 0.39 0.69 1.16 0.17 0.62
0.65 2.11 341 0.54 0.87
0.15 0.38 0.58 0.01 0.26
7 [MonteNegro,| ;o | 4 2.06 0.24 0.78

Yugoslavia

0.75 1.88 3.17 0.61 0.87




285

Table 7.5 (cont.) Global seismic response parameters of the rehabilitation case MRF1

Record | Earthquake | PGA |Roof drift | Story drift D, D,
No. ® ratio, % { ratio, %

0.05 0.36 0.52 0.01 0.24

Long Beach,
8 California 0.14 1.14 1.99 0.24 0.74
024 2.28 3.95 0.62 0.85
0.28 0.39 0.72 0.07 0.38

Lower

9 California 0.84 1.13 1.87 0.30 0.82
1.40 2.06 3.37 0.73 0.90
0.10 0.38 0.59 0.01 0.19

San Fernando,
10 California 0.30 0.91 1.61 0.29 0.72
0.50 1.42 441 0.42 0.82
0.24 0.28 0.61 0.01 0.24

Near E. Coast
11 of Honshu, | 0.72 0.80 1.85 0.26 0.77
Japan 120 | 1380 3.16 0.71 0.84
0.10 0.48 0.69 0.04 0.32
12 Mexico 0.30 1.08 1.65 0.24 0.75

0.50 1.47 2.81 0.53 0.84
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Table 7.6 Performance of the steel members of the rehabilitation case MRF1

Rec. Earthquake PGA H,
No. (®)
1 Parkfield, California 2.25 2.74
2 Nahanni, Canada 3.60 3.61
3 Imperial Valley, California 0.80 3.81
4 Kem County, California 0.80 3.25
5 San Fernando, California 0.65 3.63
6 San Fernando, California 0.65 2.58
7 Monte Negro, Yugoslavia 0.75 3.28
8 Long Beach, California 0.24 3.56
9 Lower California 1.40 2.63
10 San Fernando, California 0.50 3.59
11 Near E. Coast of Honshu, 1.20 3.31
Japan
12 Mexico 0.50 3.21

#, = (maximum rotation/yield rotation)
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Table 7.7 Story drift distributions of the rehabilitation case MRF1

Record | Earthquake | PGA Story drift ratios
No. ® [ alom[ae]an]sa]e6a|7o]sn]om
0.45|0.45|0.67]0.65]0.73|0.74|0.54|0.50]0.47]0.53
Parkfield,

1 California 1.3501.00|1.49]|1.56|1.78}1.62}1.45|1.17[1.21]0.97
22512.14|2.82|2.8812.68|2.09|1.78|1.94|1.80]|1.23
0.72|0.28|0.3910.35|0.380.37|0.43|0.64|0.56 |0.40

2 Nahanni, 2.1610.79|1.21|1.38|1.70|1.66|1.71|2.01|1.45|1.21

Canada
3.60[2.07|2.60]2.63/2.69]|2.46|2.35]2.15|2.07{1.49
. 0.16/0.3410.52|0.48|0.47|0.40|0.35|0.44]|0.43 |0.29
Imperial
3 Valley, 048lo68]1.14|1.25|1.53|1.62]|1.75|2.00|1.33|0.62
California
080]1.3212.11|2.49|2.82{2.82|2.31|2.74|1.90]1.02
0.16|0.34]0.48|0.42}0.50|0.50|0.39|0.42|0.47]0.35
4 [|KemCounty,| ) 2lo63]1.06[1.25{1.39]|1.22{1.05|1.03|1.07]0.63
California
080|1.3612.1712.43|2.69|2.27|2.13|2.29|1.840.79
0.13]0.19]0.2910.31]0.34|0.30}0.26 |0.32}0.300.21

s [SanFemando| 3510 cily09l1.22013111.17|1.23]1.23]0.93|0.43

Califorma
06511.1312.04|2.7413.44(3.41|2.80|3.10]1.90]0.78
0.1310.18]0.250.23|0.26|0.27{0.25|0.32]0.28 |0.22

g [sanFemandof o .of, o1 03]1.10]1.160.98]0.75|0.75|0.60 |0.49

California
065|1.7612.7813.3113.41]2.83|2.15|1.66]|1.15|0.68
0.1510.35|0.54]0.52]0.58{0.52]0.42|0.46}0.40]0.27

7 [Monte Negro,| 116 901.70(1.94]|2.06|1.75{1.22]1.27]1.22]0.60

Yugoslavia
075|1.9612.8913.15]3.17]2.87|2.08]1.95|1.71]1.08
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Table 7.7 (cont.) Story drift distributions of the rehabilitation case MRF1

PGA Story dnift ratios
Record | Earthquake ®)
No. 1= 2|3 | 4o |se || 7 |8%]on
0.050.31[0.48|0.490.52|0.44]0.36|0.38 10.29]0.17
g |longBeach, | 15 931143]1.79)1.99]1.74]1.28|0.96]0.49|0.27
California
0.24]1.23|2.45|3.25|3.92|3.95|3.27|2.38 |0.720.36
0.28]0.46]0.72|0.68}0.67]0.52]0.51]0.71|0.66|0.34
Lower

9 N ) 084]10.74]1.35|1.63}1.85]|1.87|1.71]1.74]1.33}10.69
Califormia
1.4012.0112.64|2.9913.373.21|2.83|2.32]1.95|1.43

0.10]0.27}0.440.49]0.59|0.54]0.44{0.43|0.28|0.18
0.30]0.5010.92}1.18|1.59]1.61{1.35|1.17{0.79|0.41
0.50]0.941.50]1.59|1.78|2.283.04{4.41|1.95]0.59

San Fernando,

10 1™ california

0.2410.370.49]0.44]0.56 |0.54|0.53|0.61]0.58]0.37
[Near E. Coast
11 | ofHonshu, | 0.72]0.74|1.26|1.24]|1.45|1.44|1.41|1.85|1.51]0.95
]
apan 120]2.35(3.01(3.16]2.86|2.27]2.08|2.49|2.17]1.92

0.10]0.400.63 |0.66 |0.69|0.59(0.49]0.470.38|0.26
12 Mexico 0.30|0.75|1.33]1.44|1.65|1.56|1.40|1.34|0.85}0.47
0.5011.74(2.36{2.49|2.81|2.46|2.15|2.18|1.45]0.67
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Table 7.8 Global seismic response parameters of the rehabilitation case BF1

Record | Earthquake | PGA | Roof drift | Story drift D, D,
No. ® ratio, % | ratio, %
045 0.35 0.68 0.06 0.29
Parkfield,
1 California 1.35 0.79 1.63 0.17 0.68
2.25 1.30 2.66 0.38 0.85
0.70 0.35 0.62 0.04 0.25
Nahanni,
2 Canada 2.10 0.72 1.23 0.16 0.54
3.50 1.45 2.76 047 0.82
0.20 0.29 0.45 0.00 0.11
Imperial
3 Valley, 0.60 0.92 1.65 0.18 0.69
Californi
rormia 1 100 | 186 1.88 0.85 0.85
0.18 0.31 0.49 0.00 0.19
4 |KemCounty.} 50 | 464 1.33 0.16 0.50
California
0.90 1.49 2.97 0.60 0.83
0.13 0.26 0.39 0.00 0.08
San Fernando,
S California 0.39 0.65 1.05 0.11 0.50
0.65 1.44 2.95 0.34 0.80
0.17 0.26 0.41 0.00 0.05
San Fernando,
6 California 0.51 0.63 1.19 0.10 0.50
0.85 2.15 438 0.78 0.89
0.13 0.26 0.43 0.00 0.06
g [MonteNegro,| ;.5 | (49 1.69 0.12 0.63
Yugoslavia
0.65 1.22 2.74 031 0.78
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Table 7.8 (cont.) Global seismic response parameters of the rehabilitation case BF1

Record | Earthquake | PGA | Roof drift | Story drift D, D,
No. ® ratio, % | ratio, %

0.04 0.16 0.20 0.00 0.00

Long Beach,
8 California 0.12 0.61 1.10 0.12 0.50
0.20 1.73 3.51 0.46 0.78
0.22 0.26 0.58 0.03 0.23

Lower

9 California 0.66 0.77 1.59 0.20 0.69
1.10 1.24 2.81 0.50 0.82
0.12 0.35 0.59 0.01 0.21

San Fernando,
10 California 0.36 0.98 2.06 0.17 0.64
0.60 1.52 3.11 0.39 0.81
0.24 0.27 0.67 0.05 0.23

[Near E. Coast
11 of Honshu, | 0.72 0.77 1.54 0.17 0.67

Japan

1.20 1.75 3.54 0.70 0.86
0.11 0.37 0.74 0.04 0.30
12 Mexico 0.33 0.96 2.01 0.21 0.71

0.55 1.42 2.97 0.39 0.84
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Table 7.9 Story drift distributions of the rehabilitation case BF1

Record | Earthquake | PGA Story drift ratios
No.

© ® [a]om|[3e|an]se]6a]7e]gs]on

0.45|037]0.60]0.68|0.65]0.40|0.41]0.49]0.38]0.28
Parkfield,

1 California 135|096]1.51]1.6211.63]0.98|0.78]0.59]|0.55]|0.34
225|1.3812.2812.66{2.42]1.50|1.08|0.82]|0.68]0.58
0.70|0.35]0.59]0.62|0.61|0.46 |0.43 |0.46|0.40}0.30

2 Nahanni, 2.10|0.64|1.10]1.23]1.06/0.99]1.00]0.95]0.86]0.52

Canada
3.50|2.1112.7512.76 |2.46 | 1.68|1.36 | 1.38 |0.890.48
. 0.20/0.29]0.39]0.37]0.40{0.34}0.38|0.45 |0.38|0.28
Imperial
3 Valley, 0.60/0.70]|1.28|1.48|1.53|1.65]|1.44|1.08|0.610.39
California
1.00/2.90]3.60]3.88|3.38|2.06|1.09}0.94{0.77|0.45
0.1810.3110.49/0.47]0.45/0.390.35]0.38 |0.34|0.26
4 (KemCounty | . 1066]1.20]1.3311.12]0.630.49]0.580.53]0.35
California
090]1.92]2.62|2.9712.82|1.56|0.90]|0.89]|0.69}0.41
0.13/0.25|0.3510.3510.39/0.35|0.29]0.30]0.25]0.19

s anFemando,| .01, 351064]0.81]1.05/0.98}0.88]0.85]0.51]031

California
0.6511.2012.3712.95|2.72|2.41|1.84]|1.27}0.59{0.37
0.1710.260.35(0.30]0.28|0.33 |0.34|0.41 |0.32|0.23
¢ [SanFemando) . 15211 13]1.19/0.99]0.61]0.51]0.58]0.50]0.32
California
0.85|2.62|3.81|4.38|4.14|2.66|1.01]0.77|0.57]0.34
0.13]0.28/0.38/0.30]0.33{0.33]0.34]0.43|0.31|0.24
7 [MonteNegro,i  351086]|1.59]1.691.41]0.93]0.52]0.56|0.43]0.28
Yugoslavia
0.65]1.42|2.29|2.74|2.50|1.40]0.93|0.910.63 |0.40
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Table 7.9 (cont.) Story drift distributions of the rehabilitation case BF1

PGA Story drift ratios
Record | Earthquake ®)
No. 1= | 2% |3 |42 |52 {6 | 7™ | 8| o*
0.04]0.14]|0.20}0.19/0.20]0.18 |0.16|0.16|0.130.10
g |LongBeach, | .51, 441099]1.10]0.98]0.64]0.43|0.40{0.29|0.23
California
020]1.78|2.9313.51|3.48]2.47/0.95|0.53|0.41|0.28
0.22)10.39]0.580.49/0.37|0.37|0.39}0.39]0.29|0.24
9 Lower 0.66/0.69[1.2211.46[1.59]|1.36|0.77]0.60|0.480.32
California
1.10]1.77|2.38|2.66|2.81|2.07|1.03 |0.74 |0.61 |0.40
0.12]0.37]0.59]0.54|0.49|0.52]0.47]0.45]|0.35{0.27
jo (danFemando, . 159,11 .58|2.06|2.06]1.41]0.66|0.60]0.41]028
California
0.60|1.06|1.94]|2.49(3.11]2.94|1.94|0.80]|0.570.38
0.24]0.41|0.67|0.57]0.42]0.42|0.410.53|0.46|0.31
[Near E. Coast
11 | of Honshuy, 0.72}0.77|1.40|1.50|1.54]|1.43|1.04|0.74}0.52|0.32
J
apan 1.20]2.45|3.24[3.54|3.10]|2.17|1.60|1.19]0.75|0.39
0.11}0.47/0.74]0.65|0.52|0.44|0.38 |0.40}0.310.22
12 Mexico 0.3310.78|1.64]|2.01|1.86|1.36|0.85]0.58|0.38|0.26
0.55|1.25|2.20|2.87|2.97]|2.21 |0.980.58 |0.47|0.31
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Table 7.10 Maximum shear forces developed in the RC members due to the application of
Mexico earthquake

Case Columns Beams

Bottom three | Middle three Top three

stories stories stories
Existing building 165.60 123.80 94.03 102.20
Braced building 237.20 159.50 65.67 109.90
MRF1 170.40 149.70 92.58 101.90

BF1 177.20 140.00 65.31 110.50
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(a) Bracing case [
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1 1L N 1 1

(b) Bracing case I1

Figure 7.1 Rehabilitation of the nine-story building using concentric bracing
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Figure 7.2 Pushover results of the existing and the braced nine-story building
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Figure 7.3 variation of the mean roof drift ratio with the PGA level
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Figure 7.4 variation of the mean story drift ratio with the PGA level
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Figure 7.5 variation of the mean damage index D, with the PGA level
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Figure 7.6 variation of the mean damage index D, with the PGA level
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RC column—{ Steel column welded to the steel plate

Steel plate nncboredtothcpﬂmpe ST
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Steel beam Wwelded to the steel plate (_'

S

(a) Elevation

RC colums

RC slab !
EE f::--.:f::}
Sieet plato—| i | | steel bolt
Steel colump———|
(b) Section S-S

Figure 7.9 Details of a connection between steel frame and RC Frame
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Figure 7.10 Details of the moment resisting steel frame
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Figure 7.11 Pushover results of the existing building and the rehabilitation case MRF1
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Figure 7.12 Relationship between the PGA level and the mean of the roof drift ratio
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Figure 7.13 Relationship between the PGA level and the mean of the story drift ratio
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Figure 7.14 Relationship between the PGA level and the mean of the damage index D,’
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Figure 7.15 Relationship between the PGA level and the mean of the damage index D,
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Figure 7.18 Details of the braced steel frame
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and the rehabilitation case BF1



Mean of roof drift (%)

Mean of story dnft (%)

306

...... -
/-/ i -
/-/ s
o
03 04 0.5 0.6 0.7
PGA (g)

Figure 7.20 Relationship between the PGA level and the mean of the roof drift ratio
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Figure 7.21 Relationship between the PGA level and the mean of the story drift ratio



307

0.6

Mean of Dg*
\
3
“‘n
y
\

e’
e

02 —w
/ /"'.

0 0.1 0.2 03 04 0.5 0.6 0.7
PGA (g)
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CHAPTER 8

CONCLUSIONS AND RECOMMENDATIONS FOR FUTURE RESEARCH

8.1 CONCLUSIONS

The conclusions of the current study can be summarized as follows:

1. A beam-column model was developed to represent the seismic response of nonductile
structures. The developed model accounted for the strength softening behaviour of
nonductile RC members. It also included the effect of the interaction between the axial
force and the moment capacity of the RC members. The model was verified using
available experimental data. The analytical approach provided a practical and reliable
tool to represent the behaviour of nonductile RC buildings beyond its ultimate
strength and up to failure. It was found that neglecting the strength softening when
modelling nonductile frames leads to significant underestimation of displacements and

damage.

2. A new damage evaluation approach was developed for assessing the damage of
nonductile RC buildings due to seismic loading. The developed approach provided
damage indices for each individual story and for the entire building. The damage
indices represented actual measures of stiffness degradation and lateral load carrying

capacity deterioration of the nonductile RC buildings. These damage indices
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eliminated the need for an averaging or weighting procedure to integrate the damage

of the building elements.

A parameter v was proposed for evaluating the plastic mechanisms of RC buildings
under the effect of lateral loading. The proposed parameter, which varied from 0.0
to 1.0, represented the uniformity of the story drift distribution along the building
height. The lower the value of v the more desirable was the developed plastic

mechanism of the building.

The inelastic dynamic analysis of rehabilitated nonductile low-rise buildings with
concentric steel bracing revealed that significant improvement in the response was due
to the addition of the bracing members. This improvement was even more enhanced
with increasing the amount of bracing regardless of the associated increase of the

building stiffness.

Several distributions of steel bracing over the building height were examined. Adding
uniformly distributed steel bracing did not provide the optimum solution. Buildings
with steel bracing distributed over the building height to obtain the smallest value of
v exhibited a significant improvement in the seismic performance. Brace distribution
along the frame bays affected the response of the rehabilitated building. A brace
distribution that avoided concentrating the brace members in one bay reduced the

building damage and deformation. The use of concentric steel bracing as a
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rehabilitation technique was found to be unsuitable for the selected nine-story
building. This was due to the significant increase in the axial forces in the RC
columns. A solution for this problem would require increasing the columns axial
strength using steel collectors or by replacing the steel bracing scheme by attached

steel frames.

An analytical model for vertical shear links was incorporated into the DRAIN-2DX
computer program and used to study the performance of nonductile buildings
rehabilitated using eccentric steel bracing. These buildings were found to exhibit
better ability to dissipate energy under the effect of static cyclic loading as compared
to buildings rehabilitated using concentric bracing. The enhancement in the energy
dissipation capacity of eccentric bracing, which was attributed to the stable inelastic
behaviour of the vertical shear links, led to a significant improvement in the seismic
performance of the rehabilitated building. The main disadvantage of eccentric bracing
was in the limitations imposed on the building deformation in order to keep the link
deformation angle below the allowable levels. The distribution of eccentric bracing
along the height of the building was found to have a significant effect on the
characteristics of the developed plastic mechanism under the effect of lateral loading.
The use of uniform distribution of vertical links along the height did not provide the
optimum scheme. Better seismic performance was achieved using vertical link

distribution over the height that provided the smallest value of the parameter v.
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Rehabilitating the nine-story building using steel frames led to an improvement in the
seismic performance of the nonductile building as indicated by lower levels of
deformation and damage achieved. A major advantage of using steel frame schemes
over steel bracing systems was the avoidance of the increase in the axial forces of the
RC columns. The braced steel frames attracted more seismic forces than that of
moment resisting steel frames. However better improvement in the seismic
performance was achieved as compared to the case where flexible moment resisting

steel frames was used.

Steel systems were found to be more efficient in the rehabilitation of nonductile low-
rise buildings as compared to medium-rise buildings. The maximum reduction in the
response parameters of the rehabilitated three-story building was much higher than

that of the nine-story building.

A simplified approach for evaluating the seismic performance of existing and
rehabilitated nonductile buildings using SDOF model was proposed. The simplified
approach considered the strength softening behaviour in the hysteretic force-
displacement relationship and was used to predict an approximate estimate for the
strength based and stiffness based damage indices. Results of the simplified approach
slightly overestimated the building response parameters of the three story building.
For the nine story building, the simplified approach overestimated the roof drift and

underestimated the story drift and the damage indices.
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8.2 RECOMMENDATIONS FOR FUTURE RESEARCH

W

The statistical analysis performed in the current study is based on the results of only
twelve earthquake records. More records are needed to achieve more representative

data and lower standard deviations.

The analytical models developed in this thesis can be extended for use in 3D
application. This will allow the consideration of building irregularities and the effect
of bidirectional ground motions. This can also include the damage evaluation of the
structures using the proposed strength based and stiffness based damage indices using

pushover analysis for 3D modelled structures.

The soil structure interaction effects can be included in the developed models. This
will allow better representation of the ground conditions which have been assumed
to be rigid throughout the analysis. Soil structure interaction effects can affect the

vibrational characteristics of the structures and this need to be addressed.

Economical aspects of rehabilitation schemes need to be investigated. The
economical considerations should be used in conjunction with the technical data to
reach a decision on the most effective and economical method for rehabilitating
structures in different regions. The economical study should consider the vanation in

the cost of material and labour form one region to another.
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