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CHAPTER ONE

INTRODUCTION

1.1 BACKGROUND

Existing structures that were built before the 1970's tend to perform rather
poorly during earthquakes when compared to structures built in aLccordance with
current seismic codes. This is because many of the structures that exist today were
designed and constructed before seismic codes were in effect or were designed
according to earlier, inadequate seismic codes. Compared to structures built
according to the current code provisions, earlier structures tend to have insufficient
lateral load-carrying capacity. Over the past few decades, design codes have been
regularly updated, often imposing more stringent seisrﬁic demands. Other important
factors that also affect the performance of existing structures ﬁe aging and
deterioration with time and use.

It is recommended that the state of existing structures be inspected
immediately following major earthquakes. This assessment, which could be
conducted either analytically or experimentally, would help decide whether any
retrofitting is necessary. Analytical investigation methods include the examination of

the design calculations and drawings, reviewing applicable specifications, and
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i) operational,
i) immediate occupancy,
i)  life safety, and

iv)  collapse prevention.

Ghobarah et al. (1997) proposed the use of the level of damage as a measure of the
performance level. The damage levels are;

i) no damage,

ii) minor damage,

iif) repairable damage,

iv)  unrepairable damage, and

v) excessive damage.

When investigating the performance of existing structures, one approach
could be to use damage assessment criterion as an indicator of the behaviour of the
structure during seismic loading. Some of the available damage models, and

retrofitting techniques, will be presented. ’

12 DAMAGE MODELS
Several damage models are available to determine the state of a structure
when subjected to seismic loading. In an attempt to quantify the damage suffered by

the structure, the idea of a damage index was introduced. The damage index is a
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measure of the damage state of the structure. Local damage indices quantify the
damage state of individual members or connections, while global damage indices
relate to the overall damage state of the structure. Some of the common damage )

indices are reviewed.

1.2.1 Banon et al.
Inter-storey drift and ductility were used as measures for damage in earlier

models. Banon et al. (1981) defined the rotation ductility, u,, as follows:

0

max

Hg = 8 (1.1)
y

where 0, is the maximum rotation and 6 , is the rotation at first yielding of the steel
reinforcement. The rotation ductility measure as defined by Equation 1.1 does not
account for load reversal under seismic loading. In order to overcome this problem,
Banon et al. (1981) suggested the use of the flexural damage ratio. Flexural damage
ratio is defined as the ratio of the initial tangent stiffness to a reduced secant stiffness

at maximum deformation.

1.2.2 Park and Ang
A local damage index that incorporates the combined effects of damage due
to both deformation and fatigue was introduced by Park et al. (1984) and Park and

Ang (1985). This damage model accounts for the element ductility and the hysteretic
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energy dissipated by the element during seismic loading. The damage index for a

structural element is defined as:

DI = Sn , B de,, 1.2)

o

where 0, is the maximum deformation of the element,
6, is the ultimate deformation of the element,
P, is the yield strength of the element,
JdE, is the hysteretic energy absorbed by the element during the
seismic loading, and

B is the model constant parameter.

A value of 0.1 was suggested for the model constant (§) for nominal strength
deterioration (Park et al., 1987). This damage model accounts for the damage caused
by maximum inelastic strains due to the deformation history. The global damage
index is the weighted average of the local damage indices of the elements of the

structure. The global damage index, D, is given by:

i=l

D= i A, D, | ' (13)

where & = E;/ E E, (1.4)
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D, is the local damage index of element i,
N is the number of elements, and

E, is the energy dissipated in element i.

The global damage index could be calculated for the whole structure or part
of the structure such as a specific floor in a moment-resisting frame. The Park et al.
(1985) damage index was later modified by Kunnath et al. (1992) as

0. -6

_ ._B |
DI = = M,e..E" (1.5)

where 0, is the maximum rotation attained during the loading history,
0, is the ultimate rotation capacity of the section,
0, is the recoverable rotation when unloading,
M, is the yield moment, and

E, is the dissipated energy in the section.

1.2.3 Roufael and Meyer

Roufael and Meyer (1987) closely observed the relationship between the roof
displacement and the change in the structure’s fundamental frequency. They

developed a model based on the concept of structural softening. Their proposed

damage index, D, is given by:



D = 5, - 6y _ 14.2 By (,/welw -1) . (1.6)
6, -6 6. - &

y
where 9§, is the maximum roof displacement caused by the earthquake,
6, is the roof displacement when the first steel reinforcement starts to
yield,
O, is the roof displacement at failure,
o, is the fundamental frequency of the undamaged structure, and

o is the fundamental frequency of the damaged structure.

Roufael and Meyer’s (1987) damage model provides little information
regarding the distribution of damage sustained by the various members of the
structure. Other drawbacks are that the damage index does not account for the
dissipation of hysteretic energy, and the difficuity in determining the roof displacement
at failure.

The model developed by Roufael and Meyer (1987) was based on the concept
of structural softening. However, the model implements the concept of overall
softening of the structure. Thus, the model does not account for locally-sustained

damage by different elements.

1.2.4 DiPasquale and Cakmak

DiPasquale and Cakmak (1990) developed two damage indices. Both models
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were based on the concept of structural softening; the maximum (8,) and final (&;)

softening indices. They are computed using the following formulae;

TO
8, = 1- T 1.7
and
T2
&= 1 -2 1.8
T2 (1.8)

where 0, is the maximum softening index,
O, is the final softening index,
T, is the initial natural period,
T,,.. is the longest natural period of an equivalent linear system, and

T} is the final natural period of an equivalent linear system.

As the square of the period is inversely-proportional to the stiffness, the final
softening index O, is closely related to the average reduction in the structure’s
stiffness. On the other hand, the value of maximum softening index, &, depends
mainly on the degree of degradation of stiffness, and plastic deformation caused by
the seismic loading.

The model developed by DiPasquale and Cakmak (1987) is similar to that of

by Roufael and Meyer (1987) in that it’s based on the concept of structural softening.
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1.2.5 Bracci et al.

Bracci et al. (1989) developed a damage index based on the Hamage state of
an element compared to its ultimate damage potential. The damage potential is
computed from the area enveloped by the monotonic load-deformation curve and the
faﬁgue failure envelope. The damage sustained by an element can be related to either;
i) strength deterioration and dissipated hysteretic energy, or

it) permanent deformations.

Bracci et al. (1989) calibrated their damage index using a series of tests‘
performed on columns and frame models. The damage model proved to be a
relatively good indicator of the damage state of the structure. The model is simple,
as it uses a simplified bilinear moment-curvature relationship. However, its level of

complexity may be increased if a more sophisticated relationship is implemented.

1.2.6 Fragility Analysis

The ATC-13 report (ATC, 1985) proposed a methodology for developing the
motion-damage relationships for 78 different categories of structures. Since the
available data was somewhat limited, the report mainly relied on expertise, and data
that was provided by a study of the probabilities of damage occurrence to each
structure type at different levels of seismic activity. The peak ground acceleration
(PGA) is used as a measure of the level of seismic activity.

Motion-damage relationships are frequently expressed as either damage
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place reinforced concrete, precast panels or steel plates. In general, the flexural
capacity of infill walls depends on the strength of the boundary or framing elements.
However, practical reasons might prevent the use of infill walls, due to required
openings or the difficulties involved with placing concrete in an existing frame.
Ensuring that the proper connection is established between the existing frame
members and the wall could also prove to be difficult. Lengthy reinforced concrete
construction time may be a source of inconvenience to the building occupants. The

use of steel plate panels as structural walls has two main advantages over concrete

walls;

i) the structural steel wall panels cause Ano significant increase in the overall
weight of the structure which is not expected to modify the dynamic
characteristics of the structure, and

if) short installation time.

1.3.2 Steel Braces

The addition of steel bracing systems to enhance the lateral load-carrying
capacity of reinforced concrete moment-resisting frames is a common rehabilitation
technique. A typical bracing system is shown in figure 1.3 (Jirsa, 1996). Steel braces
consist of wide-flange sections to resist buckling under compressive loads. In
addition to the steel braces, collector members are installed at the floor levels, as well
as along the columns to sustain shear forces from the floor. Grouted anchor bolts are

used to connect all collector elements to concrete elements of the structure. If the
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a certain level of structural performance under actual loading conditions. During the
design phase, the uncertainties are taken into account in the form of a factor of safety.

Several modern design codes include the reliability-based load and resistance
factor (LRFD). Wen et al, (1994), observed that this approach yields over-
conservative estimates of both the load and resistance. However, thg, level of damage
sustained by a structure designed using this approach with respect to its overall
performance and the level of expected damage during severe earthquake events has
not been clearly established.

Recently, several researchers, such as Veneziano (1976) and Shinozuka
(1974), have been investigating reliability-based analysis (Wen et al., 1994). The
probability of failure of a structure can be evaluated by employing either the First or
Second Order Reliability Methods (FORM, or SORM) (Ang and Tang, 1984, and
Madsen, 1986). Both methods are based on a first or second order approximation of
the limit state function. The Monte Carlo Simulation technique can be applied for the

same purpose to more complex structures.

1.5 OBJECTIVES

There is a need to develop performance-based design approaches in order to
design the structure to a given lével of expected performance. Performance-based
design is also applicable in the case of rehabilitation of existing structures.

The objective of this study is to evaluate the performance of an existing

reinforced concrete building of moderate height when subjected to various levels of
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ground motion. The performance of the same building when rehabilitated using
different techniques is investigated in order to determine the effectivéness of various .

rehabilitation strategies.

1.6 METHODOLOGY

The seismic response of a typical nine-story office building designed in
accordance with ACI.3 18-63 (ACI, 1963) is investigated. The program IDARC2D
(Valles et al., 1996) is used in the analysis. The damage state of the building is
estimated by quantifying the performance of the structure when subjected to a large
number of ground motion time history records. Uncertainties in both structural
capacity and demand are included in the proposed methodology. Since ground motion
is, by nature, a random process, intuition would suggest employing a probabilistic
approach to incorporate some key random variables. Structural capacity is modelled
by considering probability distributions for variations in both;
i) dimensions of the structural elements, and

ii) strength of materials.

The building is subjected to a set of ground motions scaled to different PGA
levels. The Monte Carlo Simulation, paired with the Latin Hypercube sampling
technique, is used to carry out the statistical sampling process. Quantification of the

damage sustained by the structure is achieved by adopting a suitable damage index.
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1.7 ORGANIZATION OF THE REPORT

Chapter one includes a brief summary of the research programs carried out to
date regarding damage indices, as well as a review of the different rehabilitation
schemes. The reliability approach is outlined.

Chapter Two presents the deterministic aspect of the adopted methodology.
The design features of the investigated building are described. Chapter Three details
the adopted probabilistic approach.

Chapter Four presents the response of the building to various levels of
earthquake ground motion. Chapter Five presents the response of the building when
rehabilitated using various techniques. The conclusions and recommendations for

future investigation are summarized in Chapter Six.
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CHAPTER TWO

DETERMINISTIC ASPECTS

2.1 INTRODUCTION

One of the major challenges associated with the rehabilitation practice is to
realistically assess the capacity of an existing structure. When the performance of the
structure is determined, the designer is required to select a suitable rehabilitation
technique. The proposed evaluation scheme quantifies the performance of the
structure based on its deformation and the sustained level of damage. The adopted
probabilistic approach enables investigating the significance of various uncertainties

inevitably present in structures and the applied load.

22 METHODOLOGY

A 30-year-old nine-storey building, designed in accordance with one of the
applicable codes at the time (ACI 318-63, 1963), is used in the analysis. The
structure is modelled using the program IDARC2D. The two types of analyses
conducted are nonlinear dynamic analysis and nonlim.ear static pushover analysis. The
three-parameter Park model is used to model the hysteretic behaviour of the structure.

Damage is quantified using the criterion developed by Park et al. (1985) as discussed

23
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in Chapter One. It was decided to adopt a probabilistic approach because of the

randomness and uncertainties inevitably present in both structural capacity and

demand. The Monte Carlo simulation technique is emplojtéd to incorporate such

variations into the analysis.

23

BASIC ASSUMPTIONS

The following simplifying assumptions were made in the analysis:

Plane sections remain plane in flexure.

The tensile strength of concrete is ignored beyond its tensile cracking
capacity.

The effect of bond-slip between the reinforcing bars and concrete is
considered.

The concrete properties are assumed identical in the confined core and cover.
The stress-strain properties for concrete and steel are as shown in figures 2.1
and 2.2 (Aly, 1997), respectively.

The axial force is considered to be uniformly applied over the entire section.

The degree of confinement is the sole factor affecting the ultimate deformation

capacity of a section.

Figure 2.3 (Aly, 1997) shows a typical cross section subjected to both an axial

load, N, and a bending moment, M.
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The floors were assumed to behave as infinitely-rigid diaphragms. The
building was modelled as a series of plane frames linked by .n'gid horizontal
diaphragms. Torsional';:ﬁ‘ects on the frames were neglected. identical frames were
lumped together, and the stiffness contribution of each frame was factored by the
number of frames. The viscous damping matrix is computed using mass proportional

damping.

2.5.1 Elements Details

Both column and beam elements were modelled using the same basic macro
formulation. Flexural, shear and axial deformations of the column elements were
taken into account. Axial deformations in the beam element were neglected. Typical
column and beam elements, along with their corresponding degrees of freedom, are
presented in figures 2.9 and 2.10 (Aly, 1997). The three-parameter Park model (Park
et al, 1987) was employed to model the hysteretic behaviour of both flexural and
shear springs. Axial deformations in column elements were modelled using a linear
elastic spring element, uncoupled from the flexural and shear spring elements. A rigid
length zone was introduced at the ends of both column and beam elements to simulate
the enhanced stiffness of the elements through the joints to the centre-line. The length

of the rigid zone is shown in figure 2.11 (Aly, 1997).
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2.5.2 The Three-Parameter Park Hysteretic Model

The three-parameter Park hysteretic model (Park et al:, 1987) incorporates
stiffness dééradation, strength deterioration, pinching, non-symmetric response, and
a trilinear monotonic loading envelope. Depending on the deformation history, the
model traces the hysteretic behaviour of an element as it passes from one linear stage
to another. Figures 2.12 and 2.13 (Kunnath et al., 1992) display the influence of
different degrading parameters on the shape of the hysteretic loops. The control
parameters could be calibrated to accommodate a range of hysteretic patterns typical
of reinforced concrete elements. The main characteristics represented in the model

are: stiffness degradation, strength deterioration and pinching.

2521 Stiffness Degradation Parameter (HC)

This parameter quantifies the level of stiffness decay as a function of the
attained ductility. As figure 2.12 shows, the unloading paths on the primary curve
converge to a single point. This incorporates the effect of lower stiffness at higher
levels of deformation. This parameter can readily be obtained from experimental data
that are typical of the structure being investigated. Based on observations of test
data, typical values of the stiffness degradation parameters were found to range

between 1.5 and 3.0 (Kunnath et al, 1992).
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2.5.2.2 Strength Deterioration Model

The loss in strength shown in figure 2.12, is determined usi'r;g the formula:

F = F_,. (1 - HBExE - HBDxp_) (23)

new

where HBE and HBD are control parameters that determine the degree of

decay in strength as a function of dissipated energy and ductility,

E = A /M@, (2.4)

Be = G / B, (2.5)

where A, is the area enclosed by the M-¢ loops, and
¢, and @,, are the yield and maximum attained curvatures,

respectively.

The advantage of this formulation is that strength decay can be controlled in
terms of ductility, energy, or a combination of both. When data is scarce, HBE and
HBD could be assumed as Q.l and zero, respectively. For high levels of strength
degradation, either (or both) parameters may be increased up to a maximum value of

0.5. This would cause a severe stiffness deterioration response (Kunnath et al, 1992).
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2.5.2.3 Slip or Pinching Control Representation (HS)

In the element model shown in figure 2.12, the unloading path crosses the zero
moment axis and continues to a ibwer target point. This point is specified by either
(HS x PYP) or (HS x PYN), where PYP and PYN are the positivé and negative
moments at yield, respectively. The loading path retains this lower stiffness until it
reaches the cracking deformation state. Upon crossing the point of cracking
deformation, the loading path passes through the previous maximum point, unless
strength deterioration is specified. In this case, a lower target point is introduced. a
value of 0.5 for HS simulates effects typical of crack opening and closing (Kunnath
et al, 1992).

The influence of the degrading parameters on the hysteretic behaviour is
illustrated in figure 2.13. By proper choice of the control parameters, a wide range of

hysteretic shapes that are typical of most reinforced concrete sections could be

produced.

2.5.3 Ultimate Deformation Capacity

The ultimate curvature of the section was employed to express the ultimate
deformation capacit_y. The moment applied to the section was inc_:rementally increased
until either;

i) the specified ultimate compressive strain of the concrete is reached, or

i) the specified ultimate tensile strength of the reinforcement is reached.



31

According to the defined failure criteria, the model does not account for
failure modes such as shear failure or bond slip of anchored reinforcement or lap
splices. These are some of the limitations of the IDARC2D program employed in the

analysis.

2.5.4 P-Delta Effect

The term “P-A effect” refers to the additional overturning moments generated
by the relative inter-story drifts. Such moments are caused by eccentric gravity loads,
and are taken into account by evaluating the axial forces in the columns.

In the program IDARC2D, P-A effects are represented by equivalent lateral
forces. These lateral forces are equal in magnitude to the overturning moments
caused by the eccentricity of gravity loads due to inter-story drift (Wilson and

Habibullah, 1987).

2.6 ANALYSIS TYPES
The designed nine-storey frame was subjected to static and dynamic analyses.
The analysis techniques that were employed in the current study are detailed in the

following sections:

2.6.1 Pushover Analysis

The nonlinear static pushover analysis is a simple-yet efficient-technique that

could be employed to predict the seismic response of structures prior to a full dynamic
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analysis. A pushover analysis can be used to determine the capacity curve, sequence
of yielding of elements, the potential ductility capacity, and whether the lateral
strength of the building. The capacity curve is a plot relating the base shear,
normalized by the building weight with a measure of the floor or roof displacement
in terms of drift. The story drift is defined as the maximum relative. story
displacement normalized by the story height. The roof drift is the roof displacement
normalized by the building height.

- This analysis technique is performed by subjecting the structure to a
distribution of monotonically-increasing lateral loads and determining the
corresponding lateral displacements. Several options are present in the program
IDARC2D. The distribution of lateral forces could be;

i) assumed as point load acting at roof level,
it) assumed an inverted triangle, similar to the distribution of lateral seismic load
in the code provisions, or

iif)  assumed as a modal-adaptive loading.

Several other options are present in the program IDARC2D, but the above-
mentioned cases were the ones considered. The pushover analysis has its own
limitations when applied to structures. Depending on the model used, the pushover
analysis may not be capable of establishing the failure of the structure. The type of
loading used to account for higher mode contribution remains a question. Research

is currently underway to develop procedures for three-dimensional pushover analysis,
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and to take the torsional behaviour of the structure into account.

2.62 N .onlinea.r‘ Dym'm'aic Analysis

Nonlinear dynamic analysis is carried out using a combination of the
Newmark-Beta integration and the pseudo-force methods in incremental form. The
dynamic equation of the system is solved using the Newmark-Beta algorithm that
assumes a linear variation of the acceleration between different time steps. The
solution is performed incrementally assuming that the properties of the structure
remain constant during each time step. This might cause some potential equilibrium
problems, as the stiffness of some elements is likely to change during the time step.
This is overcome by a compensation procedure that is adopted to minimize the
resulting error. The compensation procedure, illustrated in figure 2.14 (Aly, 1997),
applies a one-step correction for the unbalanced force. At the end of time step “i”’
an unbalanced force might result. This force is due to the diﬂ"erénce between the
restoring force calculated using the hysteretic model discussed earlier, and the
restoring force (computed assuming no change in stiffness during time step “i”). This
difference is then applied at the following time step (i+1) of the analysis. Generally,
such a précedure works best when small unbalanced forces are developed. The
magnitude of the unbalanced forces @uld be minimized by using a time step that is

sufficiently small. The solution stability is ensured by the addition of numeric

damping.
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2.7 DAMAGE ANALYSIS

The Park et al (1985) damage model, modified by Kunnath et al. (1992), was
selected for use in the current study. This damage model takes into account both
element ductility and hysteretic energy dissipated by each element during the response
history. Since the rate of strength degradation is directly related to the parameter 8
incorporated in the damage index, this damage model was found to be convenient to
be incorporated as an integral part of the three parameter models controlling the

hysteretic behaviour. Three damage indices are computed using this damage model,

namely;

i) element damage index (column or beam elements),

ii) storey damage index (vertical and horizontal components and overall storey
damage), and

iif) global damage index for the whole structure.

Direct application of this model to a structural element, storey, or building
requires the determination of the corresponding overall element, story, or building
peak deformation. Since inelastic behaviour tends to be confined to plastic zones near
the ends of some members, the relationship between element, story or roof
deformation and the local plastic rotations might prove difficult to establish. .For the

element end section damage, the following formula developed by Kunnath et al.

(1992) was employed:
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6 -6
DI =-m_ ., B

6, -6, M,6,

E, | (2.6)

where 0, is the maximum rotation attained during the loading history,
0, is the ultimate rotation capacity of the section,
0, is the recoverable rotation when unloading,
M, is the yield moment, and

E, is the dissipated energy in the section.

The damage index of each element is then selected as the higher of the damage

indices at both ends of the element.

The two additional indices, story and global damage indices are computed
using weighting factors. The weighting factors are based on dissipated hysteretic

energy at the component and story levels. The storey and global damage indices are

given by;

E.
DIstorey = Z (A‘i)eomponmt (DIi)componcut > (}'i)oomponmt = E (ﬁ)wmpomm (27)

E.
DLypa = E (A'i)suxey (DIi)stmty > ()'i)aaey = E(ﬁ)m (2.8)



36

where A, is the energy weighting factor, and

E, is the total energy absorbed by element or storey “i”’.

This damage model has been calibrated with observed structural damage of
reinforced concrete buildings (Park et al, 1985). Table 2.1, as well as figure 2.15

(Park et al., 1987) present an interpretation of the calibrated damage index with the

degree of observed damage in the structure.

2.8 SUMMARY

The methodology for evaluating the capacity of existing buildings was
presented. The assumptions made and the limitations of the analysis were discussed.
A nine-storey office building was designed in accordance with earlier codes. The
computer program IDARC2D was employéd to predict the nonlinear static pushover
and dynamic response of the building. The elements used were reviewed.

Quantifying the performance of this building when subjected to seismic
excitation is a rather complex problem, as many uncertainties may be involved.
Consideration of the uncertainties inherent in both loading, as well as structural
resisténce, is necessary to carry out a reliability assessment investigation. The
probabilistic approach was therefore adopted to evaluate the performance of the
building. The Monte Carlo simulation was used to incorporate the various sources

of uncertainty into the analysis.
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Table 2.1 Damage criteria in terms of overall damage index (Park et al., 1987)

Limit State Degree of  Damage
Damage Damage (Service)
index State Usability Appearance
0.00 None Undamaged . Undeformed / Uncracked
Usable

0.20-0.30 Slight Serviceable Moderate to severe cracking
0.30-0.50 Minor Repairable Temporarly Spalling of concrete cover
0.50 - 0.60 Moderate unusable
0.60-1.00 Severe Unrepairable Buckled bars, exposed core
>1.00

Collapse Collapse Unusable Loss of shear/ axial capacity
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Figure 2.2 The stress-strain properties for steel (Aly, 1957)
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Figure 2.5 Elevation view of the building (Biddah, 1997)
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Figure 2.6 The dimensions of the columns and beams (Biddah, 1997)
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CHAPTER THREE

PROBABILISTIC ANALYSIS

3.1 INTRODUCTION

Both structural capacity and ground motion characteristics are random
quantities. The damage to the structure is based on the given ground motion and the
estimated capacity of the structure. A probabilistic methodology would thus be the
logical approach for evaluating the seismic performance of existing structures.
Ground motion characteristics, material strength, and structure dimensions were
considered random variables in the current study. Details of the probabilistic
approach adopted in the current study will be outlined. There are other sources of
uncertainties in the design that contribute to the variability in the seismic response of
structures. These may include the rotation capacity of sections and the interaction
between flexural and shear capacities of the section. These other sources of

uncertainties are recognized, but are not included in the present analysis.

3.2 UNCERTAINTIES IN STRUCTURAL CAPACITY
Nilson and Winter (1991) noted that the capacity of the entire structure can

be considered to be a random variable. Many design, materials and construction
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factors affect the capacity of a structure. The minimum strength of the materials used
in the structure such as masonry, concrete and reinforcing steel, are specified.
However, no limits are imposed on the mean or the variation of the material strength.
The exact values of the strength of different materials rely on issues of the
manufacturing process and quality control. This introduces randomness in the values
assigned to material strength.

The strength of a structure depends on the quality of construction. Member
dimensions are bound to vary from the specified values. Issues of quality of
construction affect the variance of the values from the specified dimensions. In a
poorly-constructed structure reinforcement might also be poorly placed, or the
concrete may contain voids. The values of the member dimensions and material
strength are significant sources of uncertainty, and are considered as random
variables.

From the time of pouring, the concrete strength increases with time. Over
many years, a gain in concrete strength of 5-15% above the 28-day strength is not
unusual. On the other hand, the concrete strength deteriorates with time. This time-
related loss of strength is caused by use, creep, freezing and thawing cycles and
chemical and pollutant attacks. The variation of concrete strer_lgth with time will be

taken into account in the current analysis.
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3.2.1 Variation in Material Strength
Based on the results of their investigations, Mirza and MacGregor (1979a and
b) suégested modelling the compressive strength of the concrete in the form of a
normal distribution. Mirza and MacGregor (1979a and b) suggested the following

equation to determine the mean value of the distribution (£,):

f = 0675f + 759 s 115f (MPa) (3.1)

m

where £ is the nominal compressive strength of the concrete.

Ellingwood (1977), and Mirza and MacGregor (1979) recommended certain
values for the variability of concrete compressive strength, depending on the quality
of the construction. In the current analysis, the coefficient of variation of the concrete
compressive strength is taken to be 0.15, which represents average quality control
conditions.

Ellingwood (1977) investigated the variability of the steel yield strength. He
concluded that it should be modelled following a Log-normal probability distribution.
Following his methodology, the mean and coefficient of variation of the yield strength
for 300 MPa reinforcement steel were 366 MPa and 0.107, respectively. For 400
MPa reinforcement, the mean and coefficient of variation were 473 MPa and 0.093,
respectively. He also stated that the variability in the reinforcement bar area could be
modelled following a normal distribution with a mean equal to its nominal value, and

a coefficient of variation of 0.024.
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Creep has been a topic of research interest for many years. Branson (1977)
recommended an empirical formula to predict the compressive strength of concrete

as a function of elapsed time:

€) = — Oy (32)

where (f’.),s41s 28-day compressive strength of the concrete,
t is elapsed time, and
a and b are constants which depend on the type of cement used,

aggregate type and curing method.

Values of @ were found to range between 0.50 to 8.00, while & was found to
range between 0.67 and 1.10. The above relationship might yield an increase in the
long term concrete strength ranging from 2 to 18 percent (Branson, 1977).

Like most materials, the fatigue strength of concrete is considerably smaller
than its static strength. The fatigue strength of concrete depends on many factors,
including moisture condition, age, and rate of loading (ACI SP-75, 1982). Nilson and
Winter (1991) observed that the fatigue limit of concrete is in the range of 55 percent
of the static strength. This value was suggested for flexural loading.

Mori and Ellingwood (1993) suggested using either a linear, parabolic or
square root degradation function. The strength of a 40-years-old building would
typically range between 0.7 to 0.9 of the original strength. In this current study, a

linear degradation function was used. The rate of degradation was assumed to be
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mild, resulting in the structure’s strength being 90 percent of its original strength after
40 years. The building under investigation was assumed to be 30 years old.
Accordingly, the concrete strength was estimated to be 93 percent of its original
strength, This ﬁgu;e is considered to take into account both the gain and the

deterioration of concrete strength with time.

3.3 LOADING UNCERTAINTIES

In a probabilistic analysis, a large number of ground motion time history
records are needed to obtain accurate results. Many of the available records of actual
earthquakes are not well categorized as recorded on either soil or rock sites.
Moreover, many of the available records cannot be considered representative of free
field conditions. This is because the recording instruments are normally mounted on
structures (basement, intermediate, or roof floor). The recorded time history would
thus be affected by the response of the structure. This limits the number of available
usable earthquake records. For this reason, actual recorded earthquake ground
motions would not form adequate data for a reliable probabilistic analysis.
Artificially-generated ground motion time history rgcords represent a viable
alternative for generating input data in the current study.

There are numerous approaches for ground motion modelling. Two
approaches are presented below. The first approach is employed to model ground

motion for a general site, while the second is used to model ground motion for a

specific location.



55

3.3.1 Modelling General Ground Motion

Artificial ground motion time history records can be generated using both
stationary and non-stationaryil'approaches. Clough-Penzien (1975) suggested using
a power spectral density function for the ground acceleration to generate the ground

motion. The power spectral density function is defined as:

1 + 43 (o) (wlwy)

S,(®) = S,
[1 - (W)’ + 4 (0w [1 - ()] + 4 ¢ (who)?

(3.3)

where S, is the amplitude of the white noise bedrock excitation,
o, and w ¢ are the first and second filters’ frequencies, respectively,
and
(g and {; are the damping ratios of the first and second filters,

respectively.

Several attempts have since been made to estimate the values of these
parameters (Lai, 1982; Elghadamsi et al, 1988). Lai (1982) studied records on 118
soil-sites and 22 rock-site. Table 3.2. presents values for both the mean and the
coefficient of variation for w, and {, as suggested by Lai (1982). The value of w, was
assumed as 0.1 w, and {, and {, were assumed equal. Figure 3.2 (Aly, 1997)
schematically illustrates the power spectral density function for a set of assumed

parameters. The figure shows that a normal distribution could be assumed for the

probability distribution of the filter parameters.
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Shinozuka (1974) suggested that a stationary acceleration time history record

can be generated using the following expression:

i (t) = Y [25,(0) Aw sin(ot + ) | (3.4)

k=1

where S,(w,) is the value of the power spectral function for the ground
acceleration, as defined by Equation 3.2, calculated at w,;
Ao = @y, - oy,
w, is the frequency corresponding to the power spectral ordinate,
k is the number of frequencies considered in the analysis (200).

¢, is a random phase angle distributed uniformly between zero and

27.

Generating the artiﬁcial ground motion records for rock and soil sites is
achieved by assigning random values for both w, and {; using the mean, standard
deviation, and probability distribution type for every parameter as listed in Table 3.2.
Equation 3.3 is employed to generate different power spectral density functions, while
equation. 3.4 is used to generate different ground motion records for both rock and
soil sites.

The acceleration time history record obtained from Equ. 3.4 is multiplied by
a suitable envelope nonstationary function ¥(t) to model the variation of intensity

inherent in a typical earthquake. Sues et al. (1985) suggested an envelope in the
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following form:

Y(t) = (tl)2 for tst,
1
1 for t, sts<t, (3.5)
e ¢ for t, st

where ¢, is the rise time of the ground motion,
t, is the decay time of the ground motion, and

c is a decay parameter.

The duration of strong shaking is (t,-t,). The non-stationary envelope function
is shown in figure 3.3. Sues et al. (1985) assigned a value of 1.5 sec for the rise time,
and a value of 0.18 for the decay parameter. They recommended a strong shaking
duration of 10.0 sec for soft soil sites, and 5.5 sec for rock sites. The duration of the

strong ground was considered deterministic in the current study.

3.3.2 Modelling Zone-Specific Ground Motion

Modern seismic design codes utilize the design response spectra to specify the
expected level of ground motion. This approach yields approximate and conservative
estimates of the seismic loads. In linear dynamic analysis of a structure subjected to
earthquake ground motion, the response spectrum approach could be employed in
conjunction with modal combination rules. However, for high PGA levels of ground

motion, where nonlinear response is expected, the spectral approach yields inaccurate
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system for nonlinear time history analysis. The Latin Hypercube sampling technique
is a method of random sampling that, for a fixed number of samples; ensures that the
entire range of each control parameter is sampled and thus an efficient estimate of the
dependant variable could be determined. Given a reasonable number of samples, the
Latin Hypercube sampling technique can provide response statistics. The values for
all variables were matched randomly in sets containing one value for each random
variable. These sets were then matched to the earthquake time histories to construct
200 samples of the earthquake-structure system. The damage states are then

estimated based on the damage model develped by Park et al. (1985), which is

integrated in the program IDARC2D.

The aim of current codes is designing buildings that would be able to resist
minor earthquakes without significant damage, moderate earthquakes with repairable
damage and major earthquakes without collapse. During recent earthquakes,
reinforced concrete structures designed in accordance with current seismic codes
performed satisfactorily. Steel structures suffered joint and weld failures. However,
the economic loss because of the sustained damage during earthquakes was
substantial. Performance based design would provide structures with controlled and
predictable damage potential.

The concept of target performance definitions is useful in the design of new
structures, as well as retrofitting existing buildings (SEAOC, 1995). It provides a

better vision of the expected behaviour of the structure, which may assist in
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levels of damage to a structure include five states (Ghobarah et al, 1997). These

states represent:

i) No damage, up to the Elastic Limit;

ii) Minor damage, up to the minor Damage Limit;

ii)  Repairable damage, up to the Repair Limit,

iv)  Unrepairable damage up to the Collapse Prevention Limit at which the

structure is on the verge of collapse; and

v) Extensive damage where the structure starts a phase of Progressive Collapse

until ultimate failure.

The proposed levels of damage are shown in figure 3.5 superimposed on a
typical performance curve. Relating the damage level to life safety and immediate
occupancy definitions, as proposed by SEAOC (1995) involves some judgement.

For each category of structures, a probabilistic analysis could be performed
to correlate the expected behaviour of the structure as given by the pushover analysis
with the dynamic performance in terms of damage potential. For different earthquake
records of low peak ground acceleration, PGA, the behaviour of the structure is
independent of the earthquake characteristics. In the non-linear stage, the behaviour
of the structure strongly relies on the specifics of the ground motion record.
Therefore, a probabilistic approach was adopted. A large number of ground motion
time history records was used to assess the structure’s response.

The dynamic analysis would relate the ground motion characteristic
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parameters such as PGA to storey and roof drifts. The relationship between drift and
damage level could be established based on the response of the structure. The defined
damage limits in terms of drift could be correlated with the results of the static
pushover analysis. The expected damage levels are correlated to the force-drift
relationship obtained using the pushover analysis. The drift from the pushover
analysis is related to the dynamic performance level of the structure in terms of levels
of damage potential. This relationship can be used in the performance evaluation

process.

3.6 SUMMARY

Uncertainties in the structural capacity were evaluated in terms of the strength
of concrete and steel, the dimensions of the various members, and the aging of the
concrete. The process of ground motion modelling is described in terms of general
and zone-specific regions. The general ground motion was modelled using the power
spectral density approach, while the zone-specific ground motion records were
generated using design spectrum-compatible acceleration time histories. The
structural response was evaluated statistically using the Monte Carlo simulation
technique. The reliability analysis procedure presented in this Chapter will be used

in the response analysis and damage evaluation of the designed nine-storey frame.
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Table 3.1 Random variables characteristics (Ellingwood, 1977; Mirza and
MacGregor, 1979a and b)

Random variable Probability Coefficient
distribution of variation

Steel yield strength Lognormal 0.093 - 0.107

Concrete compressive strength Normal 0.150

Slab thickness Normal 0.070

Beam width Normal 0.020

Beam height Normal 0.010

Beam depth Normal 0.020

Column dimension Normal 0.020

Steel rebar area Normal 0.024

Table 3.2 Mean and the coefficient of variation for w, and {, (Lai, 1982)

w, (rad/sec)

Ground 5

condition Mean Coefficient Mean Coefficient
of variation of variation

Rock 26.70 0.398 0.350 0.391

Soil 19.10 0.425 0.320 0.426
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CHAPTER FOUR

PERFORMANCE OF EXISTING BUILDING

4.1 INTRODUCTION

Many of the existing buildings were designed in accordance with earlier codes,
where the design was to lower levels of seismic loads when compared to current
codes. Structures désigned to resist gravity loads might have inadequate lateral
capacity, which renders them more vulnerable to earthquakes. The seismic design of
new buildings is intended to provide adequate protection for life safety during severe
seismic events. During recent earthquakes, the behaviour of reinforced concrete
buildings designed in accordance with the recent seismic codes was found to be
satisfactory. However, structures designed in accordance with earlier codes sustained
severe damage. A major challenge facing seismic engineers is evaluating the seismic
capacity of existing buildings and predicting their behaviour during earthquakes.
Methods to assess the seismic capacity of structures range from rapid visual
inspection (ATC, 1987) to sophisticated analyses. A common approach to evaluate
the seismic capacity of structures is to conduct a nonlinear pushover analysis
(Ghobarah et al., 1997, and others).

The main deficiencies in existing reinforced concrete frame structures include,
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but are not limited to:
i) Inadequate column shear capacity due to lack of confinement.

ii) Weak joints due to limited shear capacity caused by inadequate transverse

reinforcement.

iii)  Poor reinforcement details.

iv) Lack of rotational capacity at beam ends due to inadequate anchorage of
positive reinforcement.

V) Column side-sway mechanisms at the lower levels due to the horizontal joint

shear failures that prevent the columns from reaching their full capacity.

The seismic performance of a nine-storey reinforced concrete building
designed in accordance with the ACI 318-63 (ACI, 1963a) code was assessed. The
details of the design of the building are presented in Chapter Two. The performance
of the building was evaluated using the results of a static pushover analysis, as well
as a dynamic analysis. The computer program IDARC2D was employed in the
analysis. The roof drift, inter-storey drift and damage index were determined for
ground motion with different levels of PGA. The variations in member dimensions,
.material strength, and seismic loading were considered in the analys‘is. For each set
of ground motion records, a study was carried out to determine the mean, p and

(mean + standard deviation, p + 0) values of the drift and damage index.
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4.2.2 Triangular Loading

Figure 4.2 shows that the building sustained a yield load equal to about
0.069W, and an ultimate lateral load of 0.102W, where W is the weight of the
building. These values are considered rather low when compared to current code
requirements, indicating that lateral resistance of the building is not sufficient to resist

the seismic demand in many parts of the country.

4.2.3 Modal Adaptive Loading
Figure 4.3 shows that the existing frame sustained yield and ultimate lateral
loads of 0.054W and 0.0723W, respectively. These values are also considered rather

low when compared to current code requirements, indicating that the lateral load-

carrying capacity of the building is inadequate.

A comparison of the loading cases is presented in figure 4.4. The figure
shows that the building sustained a higher lateral load when subjected to the triangular
load. The difference in results between the loading cases could be attributed to the
participation of the higher modes. In the case of the inverted triangular loading, only
the first mode is significantly contributing to the overall behaviour of the building. On
the other hand, when the modal-adaptive loading was used, the contribution of the

higher modes was pronounced, which reduced the lateral capacity of the building.
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4.3.1 Statistical Study

When comparing two populations of known mean (n) and standard deviation

(0), itis important to determine if the two populations are significantly different. The
distribution of the populations will be assumed to be normal (Gaussian). Figure 4.11
(Box et al., 1987) shows normal distributions with different means and variances (6%).
The method of statistical inference is called “Hypothesis Testing”, or
“Significance Testing”. In the general approach to hypothesis testing, one acts as the
devil’s advocate and introduce the null hypothesis (H,). This is the hypothesis that

the two mean values are identical. That is to say;

Ho =, 4.1

Where , is the mean of population 1, and

1, is the mean of population 2.

The quantity D, is equal to the difference between the means of the two

populations. Thus, if H, is true, then D, is equal to zero.

The alternative hypothesis (H,), is that the two mean values are different. That

is;

Hp gy # o (4.2)
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Where y, and p, are as defined in Equation 4.1.

This would be considered a two-tailed test, as the alternative hypothesis
doesn’t state that either mean is larger than the other (1, < p,, or p, > p,).

The test is carried out at a particular significance level («). The significance
level normally termed “Type I Error”, and is defined as the probability of rejecting H,
when it is actually true. The value normally chosen for « varies from 0.05 to 0.01.
In the current study, the value chosen for & was 0.05. This means that the possibility
of accepting H, when it is in fact wrong was only 5%.

The next step in the testing procedure would be to compute the quantity

(Z...), defined as:

Z oo = 43)

Where x is the difference between the means of the two populations (u,-y,),
D, is equal to zero, and

S, is the pooled standard deviation of the two populations, given by

s M -Do @, -7 4.4)
P N, +N, -2 ¢
1 2
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Where N, and N, are the number of readings of the first and second

populations, respecitvely, and o, and o0, are the standard variations of

the first and second populations, respectively.

The next step is to compare the calculated value, Z_,, to the tabulated value,

Z.,. The value of Z, is obtained from statistical tables corresponding to the required
significance level (& = 0.5). If the value of Z_, is greater than Z,,, , then the null

hypothesis is rejected, which means that the two populations are significantly
different.

4.3.2 Seismic Response of the Building
The results of the study showed that, at 95% confidence, the response of the
building was significantly higher for soil sites than rock sites at high levels of ground
shaking (PGA20.2 g). This difference in response could be attributed to the
building’s fundamental frequency being closer to the predominant frequency of soft
soil site records. Earthquakes occurring on soft soil sites tend to have a lower
frequency content than earthquakes occurring on rock sites. This is due to the
filtering of the higher frequencies as the seismic wave propagates through layers of
soft soil. The investigated nine-storey buﬂdhé was .quite ﬂéxible, -as it had a
fundamental period of 1.21 sec. This would render the building more vulnerable to

earthquakes with relatively low frequency contents.

The results in figures 4.6 and 4.8 show that the inter-storey drift could exceed
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Prevention corresponded to a damage index of 0.6. Identical damage index limit

values were adopted for both the soil and rock sites. These limits were 0.18, 0.24,

0.36 and 0.60 for the Elastic limit, Minor damage limit, Reﬁbir limit, and the

Collapse prevention limit, respectively.

4.5 DAMAGE ANALYSIS

The results from the dynamic analysis were evaluated to assess the level of
damage sustained by the building. The damage index developed by Park et al. (1985)
and modified by Kunnath et al. (1992) was used in this analysis.

Figure 4.12 shows the damage index for different values of peak ground
acceleration when subjected to the whole ensemble of generated earthquakes. Figure
4.13 shows a comparison between the effect of soil and rock sites on the damage

sustained by the building. This figure shows that, for high levels of ground shaking
(PGA= 0.2g), the value of the damage index for soil site records is higher than rock
site records for the same level of ground shaking. The statistical study was carried
out to determine if the results of the damage analysis were significantly different for
rock and soil sites. The study verified that the damage sustained by the structure was
significantly higher in the case when soil site records were used. This difference in
d@ge predictions could be attributed to the building’s fundamental frequency being

closer to the predominant frequency of soft soil site records.
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4.6 CONCLUSIONS

The performance of a reinforced concrete building designed according to the
ACI (1963) was evaluated. Different performance levels were defined for the
structure in terms of the damage level. The results of the dynamic analysis were
related to the damage index, storey drift, roof drift and the pushover analysis.

The results of the analysis indicated various degrees of damage were to be
expected when the building was subjected to various ground motion levels. The
developed methodology provided a procedure to relate the performance levels to the
static pushover analysis which could provide the required assessment of existing
structures.

The study also showed that the earthquakes simulating soft soil sites caused
higher drift and damage values than those simulating rock sites. This could be
explained by the flexibility of the building, and the lower frequency content of

earthquakes occurring on soft soil sites.



80

Table 4.1 Natural modes of vibration of the building.

Mode Frequency Period

Number (Hz) (sec.)
1 0.82 1.21
2 224 0.45
3 3.79 0.26
4 5.24 0.19
5 7.34 0.14
6 9.11 0.11
7 11.94 0.08
8 15.23 0.07
9 21.02 0.05
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Figure 4.1 Pushover analysis with point load at roof level
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"CHAPTER FIVE

REHABILITATED BUILDINGS

5.1 INTRODUCTION

During recent earthquakes (1995 Kobe, 1994 Northridge, and 1989 Loma
Prieta Earthquakes), buildings designed in accordance with earlier codes sustained
considerable damage. Therefore, it might be required to rehabilitate some of the
existing buildings in order to enhance their performance during earthquakes. One of
the major decisions facing civil engineers is selecting the most appropriate
rehabilitation technique to enhance the seismic capacity of structures. The traditional
practice in rehabilitation is not to attempt to make the existing structure comply with
the current code provisions. Rather, the retrofit objectives are normally based on a
performance criteria for the structures to either ensure a defined state of damage, or
to prevent collapse of the building (SEAOC, 1995; Ghobarah, 1996).

The rehabilitation scheme might involve increasing the ductility of the
structure, introducing systems that would increase the overall stiffness and strength,
repairing deficient regions, or providing redundant load-carrying systems. More than
one technique might be used simultaneously to rehabilitate a structure. The selection

of a specific rehabilitation strategy should be based on the objectives as well as
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and stiffness was also considered.
The dynamic performance of the original and rehabilitatéd structures was
evaluated in bt‘erms of drift and damage index and their relation to the PGA. A
probabilistic analysis was carried out using the Monte Carlo Simulation, where a set

of ground motion records was generated and scaled to different levels of PGA.

5.3 REHABILITATION TECHNIQUES

Selecting the optimum rehabilitation scheme depends on structural,

economical, and architectural considerations. Four different techniques for

rehabilitating the columns of the frame were adopted. These techniques were:

i) The original frame will be referred to as frame F.

i1) The strength of all the columns was increased by 30% (frame F1).
The ductility of all the columns was increased by 100% (frame F2).
The stiffness of all the columns was increased by 500% (frame F3).

The stiffness of all the columns was increased by 500%, accompanied by an

increase in the strength of all the columns by 50% (frame F4).

Typical moment-curvature relationships for reinforced concrete columns are
presented in figures 5.1a and b. The moment-curvature relationships of the columns
in frame F1 were upgraded as shown in figure 5.1a to reflect a 30% increase in
column strength, Figure 5.1b shows that ductility was doubled for the columns in

frame 2, Columns of frame F3, as shown in Figure 5.1c, were stiffened to a level
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five times higher than the original column stiffness. The combined effect of strength
upgrade by 50% and stiffness increase by 500% for the columns of frame F4 is

presented in figure 5.1d.

54 PERFORMANCE EVALUATION

The seismic performance of reinforced concrete buildings could be assessed
in terms of two quantities; drift and damaée. Several researchers have recognized that
damage to various components of the structure may be related to drift. Several codes
limit the storey drift to reduce the damage to nonstructural elements (serviceability).
These limits generally depend on the type of the building and its importance. The
National Building Code of Canada (NBCC, 1995) limits the storey drift to 1% for
post-disaster buildings and 2% for ordinary buildings. The damage index developed
by Park et al. (1985) and modified by Kunnath et al. (1992) was selected for use in
the current study.

Evaluation of the rehabilitation techniques was achieved by comparing the
performance of the rehabilitated structure to that of the original one. The response
of the rehabilitated structure to static and dynamic loads was compared to the
response of the original structure as outlined in chapter four. The high values of both
storey drift and damage of the original frame suggest that the performance of the

building could potentially be improved by rehabilitation.
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3.5 PUSHOVER ANALYSIS

The results of the pushover analysis could be used to estimate the potential
ductility of the structure, evaluate its lateral load-carrying capacity and identify the
failure mechanism. The pushover analysis was carried out using the force control

analysis in the IDARC2D program with two schemes of lateral load distributions;
i) an inverted triangular distribution, and

if) a modal-adaptive distribution.

The goal of conducting a pushover analysis using a modal-adaptive load

distribution was to determine the effect of higher modes on the overall response of the

building.

5.5.1 Triangular Loading

The results of the analysis using a triangular load distribution is presented in

figure 5.2. Each rehabilitation technique will be discussed individually.

55.1.1 FrameFl

Figure 5.2 shows that when subjected to a triangular .lateral load, frame F1
sustained a yield load equal to about 0.069W, and an ultimate lateral load of 0.109W,
where W is the weight of the building. When comparing these results with those of
the original frame, no increase in the yield load was observed, but the ultimate load

was increased by roughly 7%. Thus a 30% increase in strength did not affect the yield
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strength, but slightly improved the ultimate strength. The fact that the yield strength
remained unchanged should not be surprising, as only the ultimate strength of the
columns was altered, as shown in figure 5.1a. The roof drift at the ultimate and yiéid

loads was unaffected by the rehabilitation.

5.5.1.2 Frame F2

When subjected to a triangular lateral load, frame F2 sustained a yield load
equal to about 0.069W, and an ultimate lateral load of 0.105W. Figure 5.2 shows that
the paths followed by both the original frame and frame F2 were identical until frame
F failed, while frame F2 sustained a higher roof drift. The roof drift at failure for
frame F was 5.06%, while for frame F2 the roof drift at failure was 6.3%. Thus
doubling the ductility of the columns resulted in a 24.5% increase in roof drift, and a

3% increase in the ultimate load.

5.5.1.3 FrameF3

‘When subjected to a triangular lateral load, frame F3 sustained a yield load
equal to about 0.075W, and an ultimate lateral load of 0.1W. When comparing the
loading paths for frames F and F3 as given in figure 5.2, the overall stiffness of the
building was found to increase. Upon yielding, both F and F3 followed the same
loading paths until ultimate failure. The ultimate load of F3, however, was slightly
lower than that of the original frame. On comparing these results with those of the

original frame, it can be seen that there was an 8.7% increase in the yield load, but the
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tisimate load was reduced by roughly 2%. The roof drift at the ultimate load of F3

was 4.43%, indicating a 12% reduction in roof drift.

5.5.1.4 F¥rame F4

When subjected to a triangular lateral load, frame F4 sustained a yield load
equal to about 0.08W, and an ultimate lateral load of 0.113W. On comparing these
results with those of the original frame, figure 5.2 indicates that there was a significant
increase in both the yield and ultimate loads. The overall stiffness of the structure was
similar to that of F3. This was expected, as both frames had columns of identical
stiffness. The yield load was increased by roughly 16%, while the ultimate load was
increased by 10.8%. Thus, a 50% increase in strength of the columns, accompanied
by a 500% increase in column stiffness, enhanced both the stiffness and the overall

strength of the structure. The roof drift at the ultimate and yield loads was 4.18%.
This value is 17% lower than that for the original building. This reduction in roof

drift could be attributed to the fact that the ductility of the columns was identical for
both F and F4.

On a general note, it was found that increasing both the stiffness and the

ultimate strength of the columns was the most efficient rehabilitation technique.
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§.5.2 Modal-Adaptive Loading

The results of the modal-adaptive loading are shown in figure 5.3. The results
followed a similar trend as those of the triangular loading, but the yield and ultimate
loads were reduced. This reduction in yield and ultimate loads could be attributed to
the contribution of the higher modes. In the triangular load distribution the first mode
govems the response of the building, while for the modal-adaptive load, the loads are
adjusted to include the higher modes of the building. The yield loads were 0.051W,

0.051W, 0.053W, and 0.058W for frames F1, F2, F3 and F4, respectively.

5.6 SEISMIC ANALYSIS

In order to further investigate the performance of the upgraded buildings, a
probabilistic analysis was carried out to determine their seismic response. Since the
generated time history records simulating earthquakes typical of soil sites caused a
higher response in the original building, only the time history records simulating soft
soil sites were used in the analysis. The results obtained from this study were
compared with those of the original building when subjected to the soil records alone.
The effect of different rehabilitation schemes on the values of the damage index and

the storey drift could thus be determined.

5.6.1 FrameF1
The variation of mean and (mean, p + standard deviation, u+a) of roof and

_ storey drifts with PGA are shown in figures 5.4 and 5.5, respectively. Both the mean
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of the PGA.
Figure 5.9 shows a comparison between the damage mdiceé of frames F and
F1 for different levels of PGA. The figure shows that the damage index of frame F1

was consistently lower than that of frame F for all values of PGA.

It can thus be concluded from figures 5.5, 5.6 and 5.8 that increasing the
strength of the columns by 30% significantly enhanced the performance of the

building.

S.6.2 Frame F2

The variation of mean and (mean + standard deviation) of roof and storey
drifts with PGA are shown in figures 5.10 and 5.11, respectively. Both figures
indicate that both the mean and the standard deviation increases with increasing PGA.

Figure 5.12 shows a comparison between the roof drift of the rehabilitated
frame, F2, and that of the original frame, F, respectively. As shown in the figure, the
roof drift for frame F2 was lower than frame F for all values of PGA. A statistical
study was conducted, and the roof drift of frame F2 was found not to be significantly
lower than that of frame F for all values of PGA.

Figure 5.13 presents a comparison between the average of the maximum
storey drift of frames F and F2. The maximum drift of frame F2 was consistently
lower than that of frame F. A statistical study was conducted to determine whether

the maximum drift of frame F2 was significantly lower than that of the original frame.
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It can thus be concluded from figures 5.17, 5.18 and 5.20 that increasing the
stiffness of the columns by 500% enhanced the performance of the building. This
* conclusion may apply in the case of moderate height buil&ings because of the high

flexibility of the structure.

5.6.4 Frame F4

The variation of mean and (mean + standard deviation) of roof and storey
drifts with PGA are shown in figures 5.22 and 5.23, respectively. The figures indicate
that both the mean and the standard deviation increases with increasing PGA.

Figure 5.24 shows a comparison between the roof drift of the rehabilitated

_frame, F4, and that of the original frame, F, respectively. The roof drift for frame F4
was lower than frame F for all values of PGA. A statistical study was conducted, and
the roof drift of frame F4 was found to be significantly lower tHan that of frame F for
all levels of PGA at a confidence level of 95%.

Figure 5.25 presents a comparison between the average of the maximum
storey drift of frames F and F4. The maximum drift of frame F4 was found to be
consistently lower than that of frame F. A statistical study was conducted to
determine whether the maximum drift of frame F4 was significantly lower than that
of the original frame. The study verified that the maximum storey drift of frame F4
Wwas significantly lower than that of frame F for all values of PGA.

Figure 5.26 shows the variation of the mean and the (mean + standard

deviation) of the damage index for frame F4 with PGA. The figure shows that both
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the mean and the standara deviation of the damage index increase upon increasing
PGA.
Figure 5.27 shows a comparison between the damage indices of frames F and
F4 for different levels of PGA. As can be seen from the figure, the damage index of
frame F4 was consistently lower than that of frame F for all values of PGA. Again,
the statistical study verified that the damage index of frame F4 was lower than that

of frame F for all values of PGA.

It can be concluded from figures 5.23, 5.24 and 5.26 that the performance of
the building was significantly enhanced by increasing the strength and stiffness of the

columns by 50% and 500%, respectively.

5.6.5 Evaluation of Rehabilitation Techniques

As discussed above, all the rehabilitation schemes enhanced the seismic
response of the original building. A comparison between the four different
rehabilitation techniques was considered appropriate in order to determine which
strategy had the strongest effect on the building. Figures 5.28 and 5.29 show a
comparison between the roof and maximum storey drifts, respectively, at various
values of PGA for the different rehabilitation schemes, along with the original frame.

Figu;e 5.28 shows that the roof drift of frame F4 was lower than all the other
frames for all values of PGA. The roof drift of frame F1 was considerably higher than

that of frame F4 for all values of PGA. The roof drift of frame F3 was slightly higher
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than that of frame F1, while frame F2 was closest to that of the original frame. A
similar trend was observed for the maximum storey drift, as shown in. figure 5.29. For
the maximum stofey drift, however, the difference between frames F1 and F3 was
considerably larger than in the roof drift.

A comparison between the different rehabilitation schemes in terms of damage
index is presented in figure 5.30. Frame F4 sustained the least damage for all values
of PGA. The damage sustained by frames F1 and F3 was almost identical until PGA
exceeded 0.3g, at which point the damage sustained by frame F3 started being slightly

higher than that of frame F1. Frame F2, again, showed the least improvement over

the original frame.

5.7 COMPARISON WITH THE PERFORMANCE OF A THREE-
STOREY FRAME
Ghobarah et al. (1997) conducted a similar study for three-storey buildings.
Similar rehabilitation techniques were employed. Figure 5.31 (Ghobarah et al., 1997)
shows the results of a static pushover analysis using a triangular load distribution.
The figure shows that the results obtained by Ghobarah et al. (1997) showed a similar
trend to those of the current study. The values of base shear/weight sustained by the
three-storey building were remarkably higher than those obtained for the nine-storey
one. Frame F2 showed almost 50% increase in roof drift over the original frame for
the three-storey frame, while only a 24.5% increase in roof drift was observed for

frame F2 for the nine-story frame.
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ductility, stiffness, and combined stiffness and strength strategies were tested. Two
types of analyses were conducted, namely pushover and dynamic- analyses. The
results were compared in terms of roof aﬁd storey drifts, as well as a damage index.
The study showed that increasing the stiffness and strength simultaneously was
“the most effective technique, followed by increasing the strength alone. Increasing
ﬁxe stiffness alone had a lower effect on the behaviour of the building than the above

techniques. Increasing the ductility alone was the least significant.
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CHAPTER SIX

CONCLUSIONS AND RECOMMENDATIONS

6.1 SUMMARY

An approach for relating the various stages of damage to drift and peak
ground acceleration for a nine-storey concrete building was presented. Due to
inherent variation in element dimensions and material strengths, a probabilistic
approach was used in which the element dimensions and material strengths were
considered as random variables. The defined damage levels and their relationship to
drift were used as performance-based design objectives, and in the performance
assessment procedure. The static drift of the pushover analysis was related to the
dynamic performance of the structure in terms of ground motion characteristics and
damage level. For a given design, the pushover analysis, when related to the dynamic
performance of the structure, provided the required performance evaluation
procedure.

The effectiveness of different rehabilitation strategies for the reinforced
concrete columns of the existing building was compared. The four retrofitting
techniques tested in the current analysis were:

i) Increasing strength of all columns by 30%.
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Increasing ductility of all columns by 200%.
Increasing stiffness of all columns by 500%.

Increasing strength and stiffness of all columns by 50% and 500%,

respectively.

CONCLUSIONS

Based on the results obtained from the current study, the following

conclusions are arrived at;

i)

Buildings designed in accordance with earlier seismic codes have limited
lateral load-resisting capacity.

The developed methodology provides an effective procedure for relating the
performance levels to the static pushover analysis which can provide the
required assessment of the lateral load carrying capacity of the existing
structures as well as new designs to current code provisions.
Modal-adaptive loading for the pushover analysis causes the building to fail
at a lower load than for triangular loading. This could be attributed to the
contribution of the higher modes in the case of the modal-adaptive loading.
Increasing the strength of concrete columns is an effective rehabilitation
scheme to reduce the drift and damage sustained by buildings during seismic
events.

For a nine-storey building, increasing the columns’ ductility does not have a

significant effect on the behaviour of the building.
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The most effective rehabilitation technique for the columns of the adopted
nine-storey office building was increasing the stiffness and strength
simultaneously. This retrofitting scheme resulted in lower values of storey

drift and damage index.

RECOMMENDATIONS FOR FUTURE RESEARCH

The analysis could be applied to structures other than reinforced concrete
moment resisting frames. Examples would be structural walls and masonry
buildings.

The analysis could be expanded to include other rehabilitation schemes such
as retrofitting of beams, the addition of bracing and/or base isolation.

The analysis could be expanded to include models of flexible joints and shear

failure, as well as the other possible failure modes of the structure.



























