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Lay Abstract 

The controlled rocking heavy timber wall (CRHTW) is a high-performance 
structural solution that was developed to resist high seismic loads without sustaining 
structural damage. The wall responds in bending and shear to small lateral loads, 
and it rocks on its foundation in response to large seismic loads. In previous studies, 
rocking has been controlled by both energy dissipation elements and post-tensioning; 
the latter returns the wall to its original position after a seismic event. This controlled 
rocking behaviour mitigates structural damage and costly repairs. 

This thesis explores the value of an adapted CRHTW in which the design and 
construction costs and complexity are reduced for low-to-moderate seismic hazard 
regions by using post-tensioning but no supplemental energy dissipation. A design 
and analysis process is outlined; numerical analysis confirms the expected 
performance of the adapted CRHTW; and the system is shown to have a low 
probability of collapse. 
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Abstract 

The controlled rocking heavy timber wall (CRHTW) is a high-performance 
structural solution that was first developed in New Zealand, mainly considering 
Laminated Veneer Lumber (LVL), to resist high seismic loads without sustaining 
structural damage. The wall responds in bending and shear to small lateral loads, 
and it rocks on its foundation in response to large seismic loads. In previous studies, 
rocking has been controlled by both energy dissipation elements and post-tensioning, 
and the latter returns the wall to its original position after a seismic event. The 
controlled rocking response avoids the need for structural repair after an earthquake, 
allowing for more rapid return to occupancy than in conventional structures. 

Whereas controlled rocking walls with supplemental energy dissipation have 
been studied before using LVL, this thesis proposes an adapted CRHTW in which 
the design and construction cost and complexity are reduced for low-to-moderate 
seismic hazard regions by removing supplemental energy dissipation and using cross-
laminated timber (CLT) because of its positive economic and environmental 
potential in the North American market. Moreover, whereas previous research has 
focussed on direct displacement-based design procedures for CRHTWs, with limited 
consideration of force-based design parameters, this thesis focusses on force-based 
design procedures that are more common in practice. A design and analysis process 
is outlined for the adapted CRHTW, based on a similar methodology for controlled 
rocking steel braced frames. The design process includes a new proposal to minimize 
the design forces while still controlling peak drifts, and it also includes a new proposal 
for predicting the influence of the higher modes by referring to previous research on 
the capacity design of controlled rocking steel braced frames. Also, a numerical model 
is outlined, including both a baseline version and a lower-bound model based on 
comparison to experimental data. The numerical model is used for non-linear time-
history analysis of a prototype design, confirming the expected performance of the 
adapted CRHTW, and the model is also used for incremental dynamic analyses of 
three-, six-, and nine-storey prototypes, which show a low probability of collapse. 
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 Introduction 

1.1 Motivation 

Developing sustainable and resilient infrastructure has become an important 
objective for building owners, architects, and structural engineers (Bocchini et al., 
2014). Structural engineers achieve sustainability and resilience through the choice 
of structural material, and how that material is applied to buildings and other 
infrastructure (Bocchini et al., 2014). Themes of sustainability and resilience are 
especially evident with respect to seismic design of buildings in dense urban 
population centers, where society is coming to realize the vulnerability of its social, 
political, and economic systems to natural hazards (Bosher, 2008). This realization 
has led to demands for more sustainable development policies and practices related 
to structural engineering projects (Bocchini et al., 2014). For structural engineers to 
address these sustainability and resilience demands, a critical evaluation of 
traditional structural engineering methods is required (Buchanan et al., 2011). 

A critical evaluation of traditional structural engineering methods is supported 
by the motivations for Performance-Based Earthquake Engineering (PBEE) as a 
design principle (Krawinkler & Miranda, 2004). PBEE seeks to improve on the failure 
of traditional methods to quantify structural performance expectations under 
multiple hazards levels, to better address the needs of a structure’s stakeholders 
(Krawinkler et al., 2004). 

Recent earthquakes in New Zealand (2010-2011) have highlighted the need for 
this critical evaluation of structural engineering practices, and have motivated a shift 
towards PBEE principles: the Canterbury earthquake sequence structurally affected 
much of the Central Business District in Christchurch, New Zealand (Canterbury 
Earthquakes Royal Commission, 2012). Costs for demolition, rebuilding, and repair, 
in addition to economic down-time, have been estimated at twenty percent of New 
Zealand’s annual GDP; all of these costs despite most buildings still standing after 
the earthquake events (Canterbury Earthquake Recovery Authority, 2012). Recent 
reflections on the rebuilding efforts and the public’s post-disaster expectations 
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emphasize the need for a critical evaluation of structural engineering methods 
(Buchanan et al., 2011; Canterbury Earthquakes Royal Commission, 2012; 
Pampanin, 2015). Stakeholders in New Zealand want to make informed decisions 
regarding the costs and related performance of their structures under seismic loads, 
and engineers require a method to facilitate an informed decision on this matter 
(Krawinkler et al., 2004). 

An evolving appreciation for global seismic risk and resilience has extrapolated 
the significance of the Canterbury earthquake sequence to a global scale (The World 
Bank, 2014). This was even suggested more than a decade ago, when Krawinkler and 
Miranda wrote that an evolving understanding of global seismicity, and a realization 
that earthquake damages could easily and significantly surpass expectations, would 
be the motivating factors for PBEE principles (Krawinkler et al., 2004). This 
evaluation of PBEE motivations is certainly reflected in modern earthquake 
engineering knowledge, as presented in the following section. 

1.1.1 Earthquake Engineering in Regions of Low-to-Moderate Seismicity 
Densely populated regions around the world face a range of seismic hazards, from 

the high risk areas around the Pacific Rim, to the low or moderate risk areas across 
most of North America and Europe (See Figure 1.1). However, while Christchurch 
is rebuilding after the Canterbury earthquake sequence of 2011 with resilient and 
sustainable infrastructure to withstand its next seismic event, recent studies have 
exposed significant structural engineering vulnerabilities in lower seismic risk regions 
(AIR Worldwide, 2013; Guéguen et al., 2007). These vulnerabilities include aging 
infrastructure and outdated performance objectives which only emphasize life safety, 
magnifying the social and economic risks in densely populated regions with a large 
quantity of susceptible buildings (AIR Worldwide, 2013; Guéguen et al., 2007; 
Kuang, 1998).  
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Figure 1.1: Seismic hazard maps of North America (left), Europe, and New Zealand (right) taken from 

Giardini, Grunthal, Shedlock, & Zhang (1999) 

1.1.2 Controlled Rocking as a Resilient Structural Solution 
In response to the need for resilient infrastructure, structural engineers can adopt 

a variety of structural solutions, including both isolation and other damage resistant 
design techniques (Pampanin, 2015). One damage resistant design technique is 
controlled rocking, which is available in structural frame and wall alternatives, shown 
in Figure 1.2 (Priestley et al., 1999) . The controlled rocking component of the 
building is constructed using a combination of traditional structural techniques, 
including pre-manufactured elements, post-tensioning, and a robust foundation. In a 
seismic event, ground motions induce deformations in post-tensioned connections 
designed to dissipate seismic energy and return to their original position after an 
event (self-centering). Controlled rocking has been applied to concrete, steel, and  
timber (e.g. Christopoulos et al., 2002; Palermo et al., 2005; Priestley et al., 1999). 
Each of these controlled rocking systems serves as an alternative to traditional 
concrete, steel, or timber construction systems which rely on yielding connections 
(i.e. damage) to dissipate seismic energy. 

 

Figure 1.2: Controlled rocking frame and wall alternatives taken from  Rahman (2008) 
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Controlled rocking structures have increased in popularity in New Zealand, 
which has embraced the technique for resilient structural design (Buchanan et al., 
2011). The structures have only a small (or else non-existent) cost premium over 
traditional structural systems, and especially compared to base isolation which 
requires expensive foundation design and construction (Buchanan et al., 2011). It is 
difficult to define either controlled rocking or base isolation as an objectively superior 
solution. However, the apparent cost advantage of controlled rocking structures is 
beneficial in low-to-moderate seismic regions where a lack of perceived seismic risk 
can prevent more expensive resilient structural solutions (Buchanan et al., 2011).  

1.1.3 Cross-Laminated Timber as a Sustainable Structural Material 
The most recent heavy timber application to the controlled rocking concept is 

Cross-Laminated Timber (CLT) (Dunbar et al., 2013; Ganey, 2015). CLT is a 
modern engineered wood product, composed of layers of dimension lumber stacked 
and glued together in perpendicular layers. It is rather popular in Europe, and is 
gaining acceptance in North America as a large panel product (Moses & Gagnon, 
2010). CLT is a challenger to an alternative heavy timber product, Laminated Veneer 
Lumber (LVL), which has been used for most previous studies on controlled rocking 
timber (Buchanan et al., 2011). 

CLT’s challenge to LVL has merit on several significant points of contention: 
CLT’s manufacturing process is less energy intensive, and therefore less expensive 
(heat and pressure are required for LVL manufacturing, whereas CLT only requires 
pressure) (Structural Timber Association, 2014). CLT is also panelized, as opposed 
to LVL which is manufactured as a beam and column in North America (Structural 
Timber Association, 2014). As an engineered timber element, CLT can also employ 
a range of timber grades, internally: timber damaged by forest infestations, and lower 
quality timber can be removed from the waste cycle, and used within CLT panels 
(Moses et al., 2010). 

The use of timber as a structural material in general presents an excellent 
opportunity to reduce carbon emissions and contain carbon dioxide for the lifecycle 
of the structure (Schmidt & Griffin, 2013). These environmental performance 
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features are in stark contrast to steel and concrete structural systems which require 
significant heat and pressure to manufacture, or release carbon dioxide over their 
lifespan (Schmidt et al., 2013). 

1.2 Objectives & Scope 

This research seeks to develop a better understanding of controlled rocking heavy 
timber walls for a low-to-moderate seismic context, in order to realize the system as 
a sustainable and resilient structural alternative. In order to develop this 
understanding, a controlled rocking wall must be designed with relevant timber 
products, and evaluated considering low-to-moderate seismic hazards. There is a 
special interest to explore a simplified controlled rocking wall design for low-to-
moderate seismic hazards of Canada. To achieve this specific goal, post-tensioning 
requirements and energy dissipation elements will be critically evaluated, and the 
controlled rocking wall design and analysis processes will be investigated to find 
opportunities for simplification. 

The performance of a controlled rocking wall will be demonstrated numerically, 
before physical testing is performed in future studies. This research will focus on 
understanding the design and development of the controlled rocking numerical model 
with CLT, subjected to Canada’s low-to-moderate seismic hazard demands. The 
controlled rocking wall design, analysis, and numerical modeling will subsequently 
help to identify key issues that require experimental investigation. The design and 
modelling processes will allow for a critical evaluation of the controlled rocking heavy 
timber wall technology, so as to better understand how controlled rocking heavy 
timber walls could be developed for low-to-moderate seismic regions. 

1.3 Thesis Organization 

Chapter 2 presents a review of the concepts leading to controlled rocking heavy 
timber structures, with more detail on regions of low-to-moderate seismic hazard, 
controlled rocking as a resilient structural solution, and CLT as a sustainable 
structural material, as introduced in Section 1.1. First, the need for achieving 
sustainable and resilient structural design is explored through Performance Based 
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Earthquake Engineering (PBEE); there is a significant focus on the application of 
PBEE in low-to-moderate seismic regions. Next, controlled rocking is reviewed as a 
means for addressing low-to-moderate seismic hazard: CLT is examined as an 
efficient and sustainable heavy timber alternative for controlled rocking systems, and 
a technical overview is provided for controlled rocking heavy timber. Finally, a 
detailed review is provided for two areas of controlled rocking system research, 
including response control, and higher mode estimation. These areas of controlled 
rocking research are adapted in this thesis to the controlled rocking heavy timber 
wall. 

A prototype structure is designed with controlled rocking CLT panels for the 
low-to-moderate seismic hazard of Ottawa, Ontario, Canada in Chapter 3. Chapter 
3 also outlines an analysis process, providing the wall response to a pushover; the 
analysis process is related to the numerical modeling presented in the subsequent 
chapter. Finally, Chapter 3 outlines two methods for estimating the higher mode 
demands on the controlled rocking heavy timber wall, for the purpose of capacity 
design. 

Chapter 4 presents the development of a controlled rocking CLT numerical 
model in OpenSees. The model is applied to an experimental program from Sarti 
(2015), and the system properties are calibrated to reflect a lower-bound of the 
experimental data. The baseline model and the lower-bound calibration are 
subsequently applied to the prototype design from Chapter 3, and the pushover 
performance is compared with the analysis and design expectations. Throughout 
Chapters 3 and 4, existing design, analysis, and numerical modeling methods are 
critically evaluated, given the unique application of CLT to controlled rocking walls 
in a low-to-moderate seismic context. 

Chapter 5 presents ground motion selection and scaling for the structure in 
Ottawa. Non-linear time history analyses are subsequently conducted with the scaled 
ground motions on the prototype design from the previous chapters. The analyses 
allow for an investigation of the model’s sensitivity and the system’s performance. 
Key parameters include peak roof displacements, storey drifts and accelerations, 
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bending moment and shear demands over the wall height, and peak rocking toe 
stresses. 

Chapter 6 expands on the analysis from Chapter 5 by presenting three different 
controlled rocking heavy timber designs for Montreal, Quebec, including a three-, 
six-, and nine-storey design. The designs are modelled and investigated by an 
incremental dynamic analysis process. 

Chapter 7 presents the conclusions from the design, analysis, and numerical 
modeling of a controlled rocking CLT wall for low-to-moderate seismic hazards in 
Canada, as well as the incremental dynamic analysis procedure. The discussion is 
connected to the motivations and objectives outlined in Chapter 1. Furthermore, 
several important considerations are discussed for future research.
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 Literature Review 

This section presents background and context for the subsequent research 
project, with references to previous literature. The motivating factors of sustainable 
and resilient structural design are first explored through the concept of Performance 
Based Earthquake Engineering (PBEE), which is then justified in low-to-moderate 
seismic hazard regions. Controlled rocking is then explored as a structural design 
alternative to achieve PBEE objectives, and Cross-Laminated Timber (CLT) is 
studied as an efficient and sustainable heavy timber alternative for controlled rocking 
structures. Finally, recent controlled rocking structural research is reviewed to 
understand the possibilities for simplifying the controlled rocking heavy timber wall 
in low-to-moderate seismic hazard regions. 

2.1 Performance Based Earthquake Engineering for Sustainable 
and Resilient Infrastructure 

To consider more holistic objectives for the design of modern structures, 
Performance Based Earthquake Engineering (PBEE) is offered as an alternative to 
Load and Resistance Factor Design (LRFD) as the established method of structural 
design in modern building codes (Krawinkler et al., 2004). With PBEE, degrees of 
structural performance must be achievable by a structural design solution, and each 
degree of performance associated with a risk of occurrence (Krawinkler et al., 2004). 
In comparison, LRFD does not explicitly consider degrees of performance; LRFD, as 
implemented in North American building codes, is primarily seeking to prevent 
collapse given a specified degree of hazard (Krawinkler et al., 2004). PBEE addresses 
varying function and maintenance objectives of individual structures, especially after 
a seismic event: some structures simply need to be evacuated safely, while others 
must maintain some level of functionality. These decisions are made in cooperation 
with all stakeholders of a project, while also considering the cost of each option. 

The various degrees of post-disaster objectives in PBEE have motivated several 
areas of seismic engineering research, including low-damage design (Hare et al., 



Master’s Thesis – M. Kovacs – McMaster University – Civil Engineering
 

9 

2012). This concept is explored further in Section 2.3, where the controlled rocking 
PBEE design strategy is presented. 

The importance of PBEE is illustrated by the aftermath of the 2011 earthquakes 
in New Zealand (Canterbury Earthquake Recovery Authority, 2012): the economic 
center of a major city in New Zealand was effectively rendered useless after an 
earthquake. Although life safety objectives were generally satisfied in the seismic 
event, the economic damage and recovery efforts exposed the difference between 
society’s expectations of structural performance, and the existing design standard. 
In the future, stakeholders of the Christchurch Central Business District (CBD) 
expect to have more input regarding structural performance in a seismic event, hence 
the application of PBEE principles in the redevelopment plan for Christchurch 
(Pampanin, 2015).  

Christchurch’s desire for PBEE principles becomes increasingly relevant in an 
urbanizing world since population centers are densifying, with larger populations 
relying on the economic and social systems that exist within those urban centers 
(Department of Economic and Social Affairs: Population Division, 2014). This 
urbanization process gives the PBEE concept additional relevance, even in low-to-
moderate seismic regions. 

2.2 PBEE Principles in Low-to-Moderate Seismic Regions 

Significant efforts have been made to adapt unique structural solutions to regions 
of high seismicity in order to achieve PBEE principles (Pampanin, 2015). However, 
high seismic hazard regions are not the only locations where buildings are built, nor 
are they necessarily the regions of highest seismic risk. Risk is proportional to hazard, 
exposure, and vulnerability, and the latter two terms can be significant where there 
is only a low-to-moderate degree of seismic hazard, with dense populations and/or 
important infrastructure for large social and economic systems (The World Bank, 
2014). Earthquake engineering researchers have also noted this increased risk 
through vulnerability studies of low-to-moderate seismic regions around the world. 
For example, Kuang (1998) expressed concern for updating structural design 
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regulations to address the potential consequences of a seismic event, which could 
impact a significant population; and in France (Guéguen et al., 2007) and Spain 
(Lantada et al., 2009), several low-to-moderate seismic hazard regions were 
recognized as high risk, with the potential for significant losses to life and economy, 
even in a minor seismic event, due to a limited understanding regarding structural 
response to a seismic event. 

In a Canadian context, low-to-moderate seismic hazard regions include Ontario 
and Quebec, which have known seismic hazards along the shared Ottawa and St. 
Lawrence River valleys. These hazards affect significant corridors between Toronto, 
Ottawa, and Montreal (Natural Resources Canada, 2013). An insurance and 
economic cost analysis of this region cites vulnerable building stock and increasing 
population densities as part of an estimated fifty billion dollar economic loss (in 
structural, non-structural, and economic down-time) in the event of a potential 
seismic event (AIR Worldwide, 2013). The rest of Europe, and most of the United 
States, have similar regions of low-to-moderate seismic hazard, adding to the global 
significance of this research (see Figure 1.1) (Klusell, 2008). 

An appreciation of the risk in low-to-moderate seismic regions is growing among 
academia and industry. Unfortunately, appreciation is never higher than for a short 
period of time immediately after a major event (Fischer III et al., 1996). Therefore, 
to proactively address seismic risks in low-to-moderate seismic hazard regions, 
structural engineers can refer to high-performance PBEE solutions that address other 
stakeholder concerns as well: the increased control over a structure’s performance is 
valuable to address seismic hazards, but also to quantify the cost of design options. 
Other stakeholder concerns that can be addressed with high-performance alternatives 
may include architectural options and environmental impact concerns, discussed in 
the following sections. By considering high-performance PBEE solutions that also 
address important social, environmental, and economic concerns, low-to-moderate 
seismic risk can be mitigated in regions where seismic hazard awareness is otherwise 
a barrier to the adoption of complex and expensive solutions. 



Master’s Thesis – M. Kovacs – McMaster University – Civil Engineering
 

11 

2.3 Addressing Low-To-Moderate Seismic Hazard with Controlled 
Rocking Walls 

A variety of solutions are available for structural engineers to achieve low-
damage design as part of a PBEE design strategy. Base isolation and controlled 
rocking are two popular structural alternatives for achieving PBEE objectives 
(Pampanin, 2015). As outlined in Section 1.1.2, controlled rocking walls present an 
attractive opportunity to minimize costs and avoid complexity: controlled rocking is 
achieved with relatively standard construction detailing and pre-manufactured 
structural elements which reduce on-site labour and construction time (Smith & 
Buchanan, 2008). Furthermore, the pre-manufactured nature of controlled rocking 
walls offers an general advantage, even over traditional on-site construction 
practices: constructing structural elements in a controlled environment, for rapid 
delivery and placement on-site, is a significant cost- and waste-reduction technique 
(Robertson, 2011). The significance of these features is reinforced by Fischer III et. 
al. (1996) and Guéguen et al. (2007), whose low-to-moderate seismic vulnerability 
studies have cited construction and design cost and complexity as considerable 
barriers to implementing higher-performance solutions in regions where a low 
perception of seismic risk creates resistance to modifying traditional structural 
engineering practices. 

Controlled rocking walls are explored further in the following subsections, to 
provide a background on the system and various developments that have shaped this 
thesis. First, barriers to the implementation of a heavy timber solution are addressed. 
Next, a basic background is provided on the controlled rocking system, including 
system mechanics, followed by more in-depth background, reviewing recent 
developments in the system design and analysis process. Finally, Cross-Laminated 
Timber (CLT) is considered in the context of controlled rocking heavy timber walls: 
CLT is identified as a particularly relevant timber product in the low-to-moderate 
seismic regions of North America, and compared with Laminated Veneer Lumber 
(LVL), the heavy timber product that has dominated existing research. Since cost 
and complexity are of concern, additional social, environmental, and economic factors 
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are identified that may promote the adoption of controlled rocking walls in low-to-
moderate seismic hazard regions. 

2.3.1 General Barriers to Implementation with Heavy Timber 
Controlled rocking walls have been adapted to both concrete and timber formats 

(Palermo et al., 2005; Priestley et al., 1999). However, the heavy timber format is a 
sustainable alternative where timber is abundantly available and responsibly 
harvested, considering extensive life-cycle assessment research (Zabalza Bribián et 
al., 2011). Barriers to the uptake of the timber alternative have been widely explored, 
and include the perceived fire risk and building height limitations (Schmidt et al., 
2013). These barriers are being addressed, however, as fire research demonstrates 
that heavy timber is slow to burn and can safely achieve fire resistance standards, 
and national building codes (like Canada’s) subsequently relax their height 
restrictions on timber structures (Natural Resources Canada, 2015; Osborne & 
Dagenais, 2015). Furthermore, the heavy timber alternative offers additional 
structural design advantages on sites with poor soil conditions, since timber is much 
lighter than steel or concrete alternatives, requiring less costly geotechnical 
intervention (reThink Wood, 2014). 

2.3.2 Background & Development 
Controlled rocking heavy timber walls are based on concrete Precast Seismic 

Structural Systems (PRESSS) developed in California in the 1990’s (Priestley et al., 
1999). PRESSS consists of both controlled rocking frame (beam-column) and 
controlled rocking walls, as shown in Figure 1.2. 

PRESSS was developed as a low-damage design alternative, considering PBEE 
objectives discussed in Section 2.1. Both rocking frame and wall systems rely on 
connection stiffness, provided by ductile connections at the base or between adjacent 
walls, to limit structural motion during minor seismic events.Furthermore, joints 
connected by post-tensioning cables help to control seismic motion in more 
significant seismic events (Newcombe, 2011). When activated by a significant seismic 
event, post-tensioned joints limit the forces transferred through a structure, and help 
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the structure return to its original position after a seismic event; ductile yielding 
connections (referred to as supplemental energy dissipation) dissipate seismic energy. 

PRESSS in precast-concrete led to a proposal for comparable systems using pre-
stressed, laminated timber products (for example, LVL and CLT), licensed under 
the brand name “Pres-Lam” (Palermo et al., 2005). In Pres-Lam, beam-column and 
wall alternatives offer unique architectural options and low-damage seismic 
performance by means of heavy timber products. In this research, the wall concept 
without supplemental energy dissipation is the primary focus for development. 

Mechanically, the simplest controlled rocking wall system generally behaves as 
shown in Figure 2.1 (Sarti, 2015). Before uplift, the system flexibility is a 
combination of the base connection flexibility and the wall bending and shear 
deformations (Figure 2.1 (b)). Upon uplift, the post-tensioning elements, as part of 
the base connection response, act to return the wall to its original static position 
with a returning moment at the base connection, increasing as the wall is pushed 
laterally (Figure 2.1 (c,d)).  

 
Figure 2.1: Controlled rocking wall, mechanical response taken from Sarti (2015) 
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The simple controlled rocking wall hysteresis is reflected in the “self-centering” 
unbonded post-tensioning hysteresis of Figure 2.2 (a), alongside the hysteretic 
component provided by supplemental energy dissipation in (b). The resulting 
controlled rocking system hysteresis is also shown, with a β-term indicating a 
measure of energy dissipation in the system response. Without supplemental energy 
dissipation, only internal friction of the wood fibers and impact between the rocking 
wall and foundation can dissipate energy from the rocking system. However, these 
components are negligible (β is small) for consideration in high seismic hazard design 
cases (Smith, 2014), which is why supplemental energy dissipation elements are 
specified to absorb energy in the rocking motion (Buchanan et al., 2008). These 
elements absorb seismic energy in the structural system to minimize the displacement 
response; however, post-tensioning forces must be increased to prevent residual 
structural displacements due to the supplemental energy dissipation elements 
(Buchanan et al., 2008). 

 
Figure 2.2: (a) Self‐centering due to post‐tensioning, and (b) contribution of supplemental energy 

dissipation to the controlled rocking system response shown in (c)  

Several supplemental energy dissipation elements were developed for the 
PRESSS concrete wall system; these elements were adapted and studied on the 
controlled rocking timber wall. Two examples are U-shaped Flexural Plates (UFP’s), 
and yielding steel elements installed at the wall base. UFP’s offer additional 
overturning moment resistance and dissipate significant amounts of energy through 
yielding steel elements between coupled walls (Iqbal, Pampanin, et al., 2015; 
Newcombe et al., 2011). Yielding steel elements at the base also dissipate energy and 
resist overturning; they include bonded or partially bonded steel bars embedded 
within the rocking wall, or replaceable “Plug & Play” steel components connected 
externally (Newcombe et al., 2008; Smith et al., 2007). Another energy dissipating 
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technique was explored specifically for controlled rocking timber walls, relying on 
traditional timber fasteners to couple rocking walls (Dunbar et al., 2014; Iqbal, 
Smith, et al., 2015). The elements identified here are summarized in Table 2.1 and 
presented in Figure 2.3. 

Table 2.1: Supplemental energy dissipation elements for controlled rocking heavy timber walls 

Additional Design 
Element 

Benefits  Drawbacks 

U‐Shaped Flexural Plate 
(Iqbal, Pampanin, et al., 
2015) 

Elements contained 
between walls; 
Additional overturning 
moment (OTM) resistance 

Some inactivity at low‐drift (minor 
timber damage) 

Yielding Steel Bars 
(embedded internally) 
(Sarti et al., 2012a) 

Elements contained 
internally 

Internal bond slip reduces 
element effectiveness, and is hard 
to repair 

Yielding Steel Bars 
(attached externally) 
 

Easy and cheap to replace  Connection stiffness can degrade, 
reducing element effectiveness; 
Expands wall footprint 

Coupling Plywood 
Sheets (Iqbal, Smith, et 
al., 2015) 

Easy and cheap to replace 
with off‐the‐shelf materials 

Less effective than yielding steel 
bars; Architecturally unappealing 

 

(a)   (b)  

(c)  (d)  

Figure 2.3: (a) UFP yielding elements; (b) Internal and, (c) external yielding elements; (d) Plywood 
coupled walls (Iqbal, Smith, et al., 2015; Sarti, 2015) 
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Research results for energy dissipating elements in the controlled rocking timber 
wall demonstrate their potential to reduce seismic effects, but also to damage the 
timber wall, either directly or indirectly, due to the increased post-tensioning 
demands required to ensure self-centering (Dunbar et al., 2014; Palermo et al., 2005). 
The extent of this damage is a function of the engineered timber product: weaker 
timber products will experience more extensive damage at the base (Newcombe, 
2015). Furthermore, cyclically loaded energy dissipation connections become loose as 
the fasteners open a gap in the timber, reducing the element’s effectiveness at low 
drifts (Iqbal, Pampanin, et al., 2015). These elements also add complexity to the 
design process, imposing additional unique forces: Figure 2.4 presents a comparison 
of the simple and energy-dissipative versions of the controlled rocking wall formats, 
demonstrating the complexity of two energy-dissipative controlled rocking walls. 
Note that each element has a different degree of effectiveness depending on the level 
of drift, further complicating design. 

(a)  (b)  

Figure 2.4: Controlled rocking wall comparison: (a) Additional forces and complexity imposed by 
energy dissipating elements; (b) Simplified controlled rocking wall 

2.3.3 Recent Controlled Rocking Heavy Timber Wall Developments 
The controlled rocking heavy timber wall has evolved significantly since Palermo 

et al. (2005) first proposed the controlled rocking heavy timber concept. In addition 
to numerous studies of energy dissipating elements (identified above), Sarti et al. 
(2015b) investigated several design details to make the controlled rocking system 
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compatible with the gravity system; Newcombe (2007, 2011) presented two 
numerical modeling techniques; Morris et al. (2012) and Yeoh et al. (2012) 
investigated post-tensioning behaviour in controlled rocking heavy timber, 
considering immediate and long term effects; and Sarti (2015) evaluated peak force 
and displacement responses of the controlled rocking heavy timber wall to 
understand the system response to seismic hazards. These developments coincide 
with commercial applications of controlled rocking heavy timber that have acted as 
case studies for the system (Pampanin, 2015). Some developments have helped the 
controlled rocking heavy timber wall to become more practically achievable; others 
have explored variations of the system and built a better understanding of its 
behaviour. These developments are expanded upon, below. 

Displacement  Compatibility  between  Rocking  Wall  Uplift  and  the  Gravity 
System 

One major practical challenge for controlled rocking structures is related to the 
rocking element’s incompatibility with the rest of the structure: the incompatibility 
between the controlled rocking wall and the floor beams/diaphragms as the wall 
uplifts is depicted in Figure 2.5 (a). Moroder et al. (2014) studied three different pin 
connection designs that could reduce vertical and rotational constraints; Sarti et al. 
(2015b) subsequently studied a solution relying on parallel columns alongside the 
timber wall, shown in Figure 2.5 (b), which allow the use of coupling energy 
dissipating elements (UFP’s). Therefore, the controlled rocking heavy timber wall’s 
displacement incompatibility with the gravity system has been addressed with a 
number of design details which have already been used in several commercial 
applications (Moroder et al., 2014). 
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(a) (b)

Figure 2.5: (a) Floor diaphragm uplift incompatibility with controlled rocking wall; (b) Controlled rocking 
with boundary columns, as a solution to uplift incompatibility, from Sarti et al. (2015b) 

Numerical Modeling 

Numerical modeling is an essential component to the investigation of controlled 
rocking wall behaviour. First, two general wall models are considered: a rotational 
spring model, and the multi-spring model (Figure 2.6). The former allows for an 
understanding of general system responses, including storey displacements and 
accelerations, interstorey drifts, etc.; but only the multi-spring model captures the 
system behaviour by modeling the base connection with a finite series of axial 
springs, with the elastic modulus of the timber and an area proportional to the base 
cross-section divided by the number of springs. With the multi-spring model, the 
system-uplift is captured in the response, and the forces in the base connection can 
be monitored throughout the response (Sarti, 2015).  

(a)  (b)  

Figure 2.6: (a) Rotational spring and (b) multi‐spring model; figures taken from (Sarti, 2015) 

The multi-spring model has been in development since 2007, when the monolithic 
beam analogy (MBA) was applied to the controlled rocking heavy timber wall 
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(Newcombe, 2007). The MBA defines the multi-spring base stiffness (Keff) as a 
function of the controlled rocking system’s stiffness and mass distribution, i.e. the 
effective height of an equivalent single degree of freedom system, as shown in Figure 
2.7 (a); it also requires additional calibration to experimental data (the λexp, 
calibration factor). The MBA is still applied in recent controlled rocking heavy 
timber wall studies; however, Newcombe (2011) presented the Winkler Spring 
Analogy (WSA) as an alternative. The WSA uses an empirical relationship that 
describes the effective length (Leff) of a series of springs at the interface of the rocking 
wall base and the foundation. Leff is determined by considering the stress fields at 
the controlled rocking wall base as the wall is pushed laterally, as shown in Figure 
2.7 (b). An empirical relationship was developed from a study of finite element 
models and experimental testing, and originally considered a variety of different 
material properties and system parameters (Newcombe, 2011). Of the range of 
variables considered, only the neutral axis depth (c) in the base connection, as a 
fraction of the wall length (lw), were found to be significant factors in the base 
connection stiffness (Newcombe, 2011). The empirical equation is given in Equation 
2.1, describing Leff as a function of c and lw.  

Figure 2.7: Base connection models for the controlled rocking heavy timber wall: effective Winkler 
spring stiffnesses as a function of (a) MBA, and (b) WSA 

௘௙௙.ௐ௜௡௞௟௘௥ௌ௣௥௜௡௚ܮ ൌ 120 ቀ௟ೢ
௖
െ 1ቁ (Newcombe, 2015) Equation 2.1

The WSA produces a significantly larger estimate of stress in the base connection 
compared to the MBA: both techniques model the base with springs, but the MBA 
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uses much larger effective spring lengths, resulting in a reduced axial stiffness 
(Newcombe, 2015). Because of these differences in the definition of the base 
connection multi-spring model, the WSA can be especially important for heavy 
timber products that are softer/weaker than the Laminated Veneer Lumber (LVL) 
products, and also for tall controlled rocking walls, as Newcombe (2011, 2015) has 
suggested that the MBA method significantly underestimates the stress in these 
cases. Furthermore, the MBA also requires further calibration parameters to match 
the system response, as demonstrated by Sarti (2015); therefore, without 
experimental data for the given controlled rocking wall design, the MBA model 
cannot be verified. 

Long‐Term Behaviour of Post‐Tensioned Heavy Timber Panels 

Controlled rocking heavy timber post-tensioning behaviour has been studied to 
understand changes observed over time: changes in post-tensioning lengths, and the 
causes of those changes, have been monitored in laboratory experiments and in real 
building cases (Morris et al., 2012; Yeoh et al., 2012). These studies have identified 
long-term relaxation of the tendons due to high post-tensioning stresses applied to 
timber, and also due to environmental changes such as temperature and moisture 
content which cause timber to expand and contract. Notably, these studies have 
focused on LVL products, and the same conclusions cannot necessarily be applied to 
all engineered timber products. For example, CLT is cited as a more dimensionally 
stable material, so additional studies are needed since performance expectations may 
be different (Moses et al., 2010).  

Additional mechanical studies related to post-tensioning behaviour are presented 
by Sarti (2015), with finite element analyses of the top-of-wall anchorage elements, 
and referencing the long-term post-tensioning studies identified above. Concentrated 
stresses are linked with both short-term local timber damage and long-term timber 
creep. Sarti (2015) suggests that the steel plates on which the post-tensioning 
elements are anchored must be thick enough to distribute the post-tensioning stresses 
in the timber, because stress is directly linked to long-term creep (Yeoh et al., 2012). 
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The plate must also be large enough to avoid short-term local damage of the timber 
panel (Sarti, 2015).  

Codifying the Design Process: Controlled Rocking LVL in New Zealand 

Recent studies of controlled rocking LVL systems have focused on understanding 
their general capabilities and behaviour, subjected to high seismic hazard demands. 
In particular, Newcombe (2011) and Sarti (2015) presented design and analysis 
procedures for the system. They found that the system’s peak displacements matched 
their design and analysis results; and they observed higher-mode effects in the system 
response, which can increase the peak forces in the system and require consideration 
in design. These studies led to the development of a PBEE framework for the 
controlled rocking heavy timber wall system, shown in Figure 2.8, and motivated the 
codification of the design process in New Zealand (Sarti et al., 2015a). However, Sarti 
and Newcombe’s research has focussed on dissipative controlled rocking LVL systems 
for high seismic hazard regions; although they have suggested that the same 
principles could apply to other heavy timber products like CLT, the same studies 
have yet to be performed. 

 
Figure 2.8: PBEE framework for the controlled rocking heavy timber wall, taken from (Sarti et al., 2015a)

2.3.4 Applying Cross-Laminated Timber to Controlled Rocking Heavy 
Timber Walls 

The previous section identified significant developments of controlled rocking 
heavy timber walls made of LVL. However, some background on CLT is presented 
next, motivating the study of controlled rocking heavy timber walls made of CLT.  

CLT Composition and Material Properties 
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CLT panels are produced in a relatively simple process: glue and pressure are 
applied to combine sawn timber in orthogonal layers, typically 15mm-35mm thick 
(see Figure 2.9). The manufacturing process is efficient, as timber waste is recycled 
into other timber products and used to fuel the manufacturing facilities (Structural 
Timber Association, 2014). CLT’s orthogonal layers provide bi-directional strength, 
and help to maintain dimensional stability: alternating timber layers expand and 
contract at different rates, resisting change in adjacent layers (Moses et al., 2010). 
LVL is similarly efficient with regards to waste, but it is more expensive to produce 
because thin layers of wood (veneers) are shaved and glued together under high heat 
and pressure (Structural Timber Association, 2014).  

Figure 2.9: Alternating layers within CLT; strong layers (for the direction of loading) are highlighted 

CLT is still a relatively new product, and as such, CLT design codes are in 
development and researchers investigating the in-plane CLT strength and stiffness 
properties (Andreolli et al., 2012; Gagnon et al., 2014). Currently, engineers can use 
standard beam mechanics and manufacturer-specified composite material properties 
to determine in-plane CLT properties for design (Gagnon & Pirvu, 2011). In this 
process, CLT material properties are taken as an average of the cross section 
(“effective” properties), and the gross cross section is used for geometric properties 
(cross-section, moment of inertia, etc.) as per the composite method outlined by 
Gagnon & Pirvu (2011). In the future, standardization of the CLT manufacturing 
process, stronger and stiffer timber grades, and an evolving understanding of the 
cross-layer interaction can improve CLT capacity specifications. 

A sample of CLT properties compared with those of LVL is presented in Table 
2.2. The effect of the material property differences is discussed further under the 
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heading CLT versus LVL in Controlled Rocking Walls, but some basic behavioural 
expectations are highlighted in the table. Furthermore, Ganey (2015) presented axial 
compression properties of CLT (important for the controlled rocking wall base), and 
simplified the resulting response as elastic perfectly plastic for the purpose of 
controlled rocking CLT modelling, as shown in Figure 2.10. Ganey’s simplification 
of the actual CLT material hysteresis was justified by CLT compression studies 
performed by Horvat (2013). 
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Table 2.2: Comparing CLT to LVL, considering composite CLT properties over a gross cross‐section 

Property Parameter  Difference from LVL 1 Value 2

(gross section)
Effect

Comp. Strength, fc  60‐70% Lower 13 MPa Toe crushing more likely

Elastic Modulus, E  40‐50% Lower 7,900 MPa Increased higher mode 
demands; Increased elastic drift

Bending Strength, fb,eff  50‐60% Lower 19 MPa Bending failure more likely

Shear Modulus, G  20‐25% Lower 520 MPa Increased higher mode 
demands; Increased elastic drift

Mechano‐sorptive 
properties 

Increased dimensional 
stability

N/A Decreased PT force variability

1 Comparing values from two sources (Flaig & Blass, 2013; Sarti, 2015)
2 From KLH UK [2015], Newcombe [2011]; Sarti [2015] for 9‐layer, 315 mm‐thick cross section 
 

(a)  (b)  

Figure 2.10: (a) CLT compression test results; (b) simplification of CLT material taken from Ganey (2015)

Traditional  CLT  Construction  as  A  Motivator  for  Controlled  Rocking  CLT 
Development 

CLT is currently used in North America and Europe as a wall element, in the 
same manner as traditional light-frame timber: lines of single-storey CLT panels 
support floor and roof panels, resisting inter-storey shear forces with ductile fastener 
connections at the base and between storeys (Moses et al., 2010; Polastri et al., 
2015). In this format, CLT has an advantage as a premanufactured element: the 
panels are built off-site, and walls, doors, and conduits are precut from the panel, 
reducing expensive and inconsistent on-site work (Moses et al., 2010). Furthermore, 
CLT panels offer an economy of scale, since the same product is used for floors and 
walls. However, this shear wall system is architecturally restricting (see Figure 2.11 
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(a)), so an alternative construction method is desired to allow architectural and 
structural freedom from shear wall requirements (Dunbar et al., 2013; Sarti et al., 
2012b). Furthermore, traditional light-frame and CLT shear walls are not resilient: 
failure modes include permanent damage via sliding, fastener yielding, and fastener 
tear-out (Ceccotti et al., 2006; Gavric et al., 2013; Pei et al., 2014). 

Controlled rocking walls, shown in Figure 2.11 (b), have been proposed as an 
alternative to the traditional timber shear wall, as a resilient heavy timber solution 
for North America (Pei et al., 2014). Industry support is progressing with a Canadian 
group’s recent purchase of the legal rights to Pres-Lam (controlled rocking heavy 
timber) technology in North America (Knee, 2015). This presents an opportunity for 
CLT to find a new application in the North American construction industry, and to 
benefit from the economy of scale offered by the existing CLT industries of North 
America and Europe. 

(a) (b)  

Figure 2.11: (a) Traditional shear wall format (Green, 2011); (b) controlled rocking timber wall (Nelson 
Pine, 2015) 

CLT versus LVL in Controlled Rocking Walls 

Both CLT and LVL have unique properties, as seen in Table 2.2, with different 
advantages to the controlled rocking wall. LVL is stronger and stiffer than CLT 
when considering the primary axis (direction of the grain; affects in-plane loading) 
(KLH UK, 2015; Nordic Structures, 2015). Conversely, CLT’s alternating layers offer 
additional bi-directional strength and stability, as identified previously. This is 
significant because post-tensioning losses and fluctuations due to environmental 
conditions, as observed in existing commercial applications of controlled rocking LVL 
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(Morris et al., 2012), are concerning for engineers. CLT’s bi-directional strength and 
stability could mitigate the loss and fluctuation in post-tensioning forces, reducing 
maintenance requirements.  

LVL’s superior strength and stiffness properties allow significant structural 
forces to develop at the base of the controlled rocking wall without sustaining 
damage, so it has been the preferred product in previous research and commercial 
applications (Palermo et al., 2005). In contrast, the few dynamic tests with controlled 
rocking CLT have demonstrated the susceptibility of the rocking toe to damage, 
through stages of extreme rocking (+/-9% drift), as shown in the test results from 
Ganey (2015) in Figure 2.12 (a). This fragility can cause the system’s performance 
to degrade, as shown in the system hysteresis in Figure 2.12 (b). Below 2% roof drift, 
Ganey (2015) suggests that the performance degradation is due to low-to-moderate 
damage at the timber base; and beyond 2% drift, fragility is exacerbated by loosened 
the energy dissipating elements discussed previously, and can require connection 
repair or replacement of the energy dissipation elements, or rehabilitation of the 
rocking toe, which can split or plastically compress under the axial load. 

(a)  (b)  
Figure 2.12: (a) Rocking toe damage at 9% drift, and (b) Hysteresis from CLT lab testing, taken from Ganey (2015)

Summary of Motivations for Applying CLT to Controlled Rocking Heavy Timber 
Walls 

Applying CLT to the controlled rocking heavy timber wall presents a sustainable 
and resilient structural opportunity, in lieu of more expensive LVL products. This is 
especially true where CLT is already in demand or produced to some extent, as an 
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economy of scale can benefit stakeholders. These benefits, in addition to those of pre-
manufacturing discussed in Section 2.3, address the goals cited in the opening of 
Section 2.3: the environmental and economic benefits of CLT can promote the 
adoption of controlled rocking structures in low-to-moderate seismic hazard regions. 
To develop this system, CLT properties must be applied to the models which were 
originally developed for LVL, to develop confidence that CLT performance can be 
predicted and that it is within acceptable ranges of performance. 

In this thesis, additional developments and modifications are presented for the 
controlled rocking CLT wall. Reduced seismic demands in low-to-moderate seismic 
regions present an opportunity to minimize design complexity and avoid rocking toe 
damage in controlled rocking CLT walls by removing energy dissipating components 
and minimizing post-tensioning stresses. The following section explores research in 
the general field of controlled rocking structures in order to achieve the design 
objectives cited above, and to develop a better understanding of the controlled 
rocking wall performance. 

2.4 Simplifying Controlled Rocking Wall Design 

In the previous discussion, energy dissipation and post-tensioning elements were 
identified as creating long-term maintenance demands which can damage the base 
of the controlled rocking heavy timber wall and increase the complexity of design. 
Mitigating that damage and simplifying the design process can improve the 
practicality of the controlled rocking wall system in regions of low-to-moderate 
seismicity. To achieve this, it is proposed that supplemental energy dissipation and 
post-tensioning stresses be eliminated or minimized in the controlled rocking wall 
design, but this must be carefully balanced with the resulting controlled rocking wall 
response. This is discussed in Section 2.4.1. 

Furthermore, it was noted in Section 2.3.3 that Newcombe (2011) and Sarti 
(2015) observed higher-mode effects in the controlled rocking wall response, and that 
these effects can increase the peak forces in the system, requiring consideration in 
design. To ensure it is relatively simple for designers to evaluate the controlled 
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rocking heavy timber wall performance, inclusive of higher-mode effects, three 
simplified methods are considered that were proposed for controlled rocking steel 
braced frames. This is discussed in Section 2.4.2. 

2.4.1 Controlled Rocking Force Reduction Factors & Energy Dissipation 
Zhang (2015) investigated the behaviour of self-centering systems like controlled 

rocking walls, to consider their response in a force-based design context. Codified 
force-based design procedures, like the Canadian building code, specify a reduction 
factor (R, in Figure 2.13 (a)) to reduce the design force for different structural 
systems (fy, in Figure 2.13 (a)). Conventional structural systems specify R as a 
function of the system ductility (NRCC, 2010); however, Zhang (2015) found that 
controlled rocking walls do not behave according to the same principles. Zhang 
suggests that the equal energy and equal displacement assumptions that relate the 
available system ductility with R, are not effective with respect to estimating the 
self-centering system response. Therefore, Zhang performed a numerical study on 
self-centering single degree of freedom (SDOF) models, considering a variety of 
design and modeling parameters, to investigate seismic displacement demands. An 
empirical relationship was proposed to describe the maximum non-linear 
displacement of a self-centering system as a function of R, the degree of energy 
dissipation (β), and initial system period (T1) (Zhang, 2015). Several of these system 
parameters are indicated in Figure 2.13, and the empirical relationship and its 
coefficients are shown in Equation 2.2 and Table 2.3, respectively. Zhang’s empirical 
relation results in a ratio (CR) of the non-linear to elastic displacement of a self-
centring system, given R, β, and T1. 
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(a)  (b)  

Figure 2.13: (a) Structural response according to force‐based design, and (b) flag‐shaped hysteresis (self‐
centering SDOF behaviour), taken from (Zhang, 2015) 
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Table 2.3: Regression coefficients

Damping Model  Damping (ζ)  b1  b2  b3  b4  b5 
Initial Stiffness  5%  0.515  0.184  0.119  1.173  1.478 

Initial Stiffness  2%  0.774  0.071  0.088  1.290  1.641 

Tangential Stiffness  5%  0.630  0.292  0.477  1.697  1.567 

Several key points were identified in Zhang’s investigation of the SDOF modeling 
results. These points are related to the controlled rocking wall design in this thesis: 

1. Energy dissipation (β) is not always imperative to limiting the peak drift 
response; in fact, energy dissipation has a reduced effect on self-centering 
system response when T1 is greater than 0.5 seconds (Zhang, 2015).  

2. The trends related to self-centering system response are generally the same 
for either initial or tangent stiffness damping models, although the 
displacement response with a tangent stiffness damping model is much larger. 
To be conservative in design, the tangent stiffness damping model should be 
considered (Zhang, 2015). 

3. Ground motions used in Zhang’s study are representative of California 
seismic hazard, and may not be applicable to other regions. 
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Zhang’s research draws generally favourable conclusions for self-centering 
systems without energy dissipation, like the controlled rocking walls proposed in this 
thesis. It also supports the force-based design of self-centering systems by quantifying 
the non-linear response of the system. 

2.4.2 Higher-Mode Effects in Controlled Rocking Heavy Timber Walls 
A challenge for controlled rocking structural design is the evaluation and design 

for higher-mode effects (Lydell Wiebe & Christopoulos, 2015b). According to 
Newcombe (2011) and Sarti (2015), higher-mode effects can increase the bending 
moment and shear forces above the base of the controlled rocking heavy timber walls; 
however, Newcombe (2011) and Sarti (2015) both observed reserve bending moment 
and shear strength capacities of more than 50% in their investigations on controlled 
rocking LVL walls subjected to high seismic hazards. Nonetheless, forces due to 
higher-mode effects can govern the design process if they exceed the bending or shear 
capacity of the timber panel, and their influence is a function of the structural 
dynamic properties of the system: timber with lower shear and bending stiffness 
properties, and taller rocking walls, can be more susceptible to higher-mode effects. 
If the higher-mode effects exceed the heavy timber strength capacity, mitigation 
techniques have been proposed in controlled rocking steel systems, like multiple 
rocking sections over the height of the structure (Lydell Wiebe et al., 2015b), and 
could also be applied to controlled rocking walls (Ganey, 2015; Newcombe, 2011).  

Evaluating the influence of higher mode effects is an ongoing challenge: for the 
controlled rocking heavy timber wall, Newcombe (2011) presented a linear and bi-
linear approximation of storey shear forces and bending moments, respectively. 
However, Sarti (2015) found Newcombe’s approximations to underestimate the 
controlled rocking wall response, and therefore calibrated the approximations 
according to a different set of controlled rocking numerical model results. The 
resulting approximations are empirically calibrated linear and bi-linear relationships 
to envelope the shear force and bending moment response, respectively, in the 
controlled rocking system (Sarti, 2015). 
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In this thesis, three alternative approaches to estimating the higher mode 
response are investigated, referring to research for controlled rocking steel braced 
frames. These approaches are the dynamic and equivalent static procedures outlined 
by Steele & Wiebe (2016), and the cantilever beam analogy outlined by Wiebe & 
Christopoulos (2015). The dynamic and equivalent static procedures estimate the 
higher mode response using response spectra and equivalent modal forces 
respectively; and the cantilever beam analogy provides an estimate of the higher 
mode contributions directly through closed-form equations. These procedures, 
presented and applied in Chapter 3, estimate the controlled rocking wall response 
over the height of the structure without empirical calibration, as opposed to 
enveloping the maximum peak response with empirical linear approximations. By 
investigating and verifying these procedures for the controlled rocking heavy timber 
wall, future research can efficiently and effectively investigate a wider range of 
controlled rocking heavy timber wall designs, including those which may be governed 
by higher-mode effects. This will help future research relating to multiple controlled 
rocking sections, as the higher-mode response is more effectively predicted. 
Furthermore, verification of these procedures will be important for the capacity 
design of the controlled rocking heavy timber wall, as the complex higher-mode 
response can be accounted for in commercial software engineering package, or by 
simplified procedures that are similar to those in current building codes. As per 
earlier discussion, these simplifications are especially beneficial for the adoption of 
controlled rocking CLT system in low-to-moderate seismic hazard regions. 
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 Structural Design & Analysis 

This chapter presents controlled rocking CLT wall design and analysis 
procedures for a six storey building in Ottawa (“the prototype”). The Canadian 
Building code (NBCC) and previous controlled rocking heavy timber wall design and 
analysis procedures are referenced for the design and analysis process; and other 
controlled rocking system research is used for investigating the higher mode demands 
on the controlled rocking heavy timber system. Additional comments and 
modifications to the analysis and design procedure are noted throughout, considering 
low-to-moderate seismic hazard and different material properties associated with 
CLT, rather than LVL. 

In Section 3.1, the prototype building dimensions and storey weights are 
outlined. Then, the controlled rocking design and analysis procedures are presented 
in three phases. First, in Section 3.2, important design decisions are discussed and 
specified in the initial design phase, resulting in a controlled rocking wall 
configuration and an initial post-tensioning force to resist the seismic demand 
imposed on the prototype, especially considering the base connection of the 
controlled rocking wall. In the second phase (Section 3.3), the base connection 
mechanics are analyzed, and the system response in the rocking stage is calculated. 
An approximate pushover curve is constructed for the controlled rocking wall by 
analyzing the system response at several key points in the rocking stages of response. 
The final phase is the investigation of higher mode effects in Section 3.4. This phase 
refers to recent research in capacity design for controlled rocking steel braced frames: 
a capacity design procedure for the controlled rocking heavy timber wall is presented, 
and investigated further with the numerical modeling results presented in Chapter 5. 

3.1 Prototype Definition 

In Canada, the height of timber buildings allowed by the NBCC is increasing to 
six storeys (Lewington, 2014). The increasing height allowance presents an 
opportunity for developers of medium and high density regions; therefore, the 
prototype is defined as a six-storey structure with a footprint of approximately 3,000 
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square meters in accordance with Ontario building code for mixed use six-storey 
timber structures (Jeske & Esposito, 2015). Dimensionally, the prototype is 19.8 
meters tall (3.3 meters per storey) and fifty-four meters square (2,916 square meters 
total footprint).  

Floor weights for seismic design are based on the loads presented in Table 3.1. 
To evaluate the suitability of the loads assumed for determining seismic weight, a 
measure of weight per unit volume (weight density) of the structure is referenced 
and compared with other studies. The weight density of the prototype is 0.91 kN/m3, 
which is larger than similar mid-rise controlled rocking timber building studies: Pei 
et al. (2012) suggested a weight density of 0.74 kN/m3, Sarti et al. (2012) suggested 
0.15 kN/m3. However, a Canadian study using CLT shear walls suggested 
1.18 kN/m3 (Robertson, 2011). Therefore, the floor weights for the prototype design 
are within reason, considering a variety of other heavy timber structural studies; but 
the variability in seismic weights from these studies underscores the possibility for 
highly variable structural performance in a heavy timber structure, which uses 
relatively light structural members compared to steel and concrete structures. This 
is discussed as an opportunity for consideration in future seismic performance studies, 
with reference to FEMA P695 (Applied Technology Council, 2009) requirements, in 
Chapter 7.  

Table 3.1: Storey weight contributions and total seismic storey weights 

  Roof Pressures  Floor Pressures 

  Dead Load 1 Snow Load 2 Dead Load 1 Snow Load 

  2.3 kPa  2.4 kPa  3.0 kPa  ‐ 

Seismic Storey Weights:    (Dead + 0.25 (Snow)) x (Tributary Area) 

  6th Storey (Roof)  1st – 5th Storey (per storey) 

Total Building:  8490 kN  8810 kN 
1 Based on values used in a CLT building Life Cycle Assessment (Robertson, 2011) 
2 Based on National Building Code of Canada snow loads for Ottawa (NRCC, 2010) 

3.2 Initial Design Phase 

Steps to determine seismic forces on a structure and design a controlled rocking 
wall are presented in Figure 3.1. This initial design phase results in a controlled 
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rocking wall configuration and initial post-tensioning (PT) force required to resist 
the seismic forces on the associated structure. These stages are presented in the 
subsections of Section 3.2. 

Figure 3.1: Process diagram for controlled rocking heavy timber wall design phase 

3.2.1 Estimate The Natural Period (Tn) of the Structure 
The force-based design procedure in the NBCC requires an estimate of Tn for 

the structure, to determine the seismic demand on the lateral force resisting system 
(NRCC, 2010). Force-based design codes like the NBCC use empirical formulas to 
estimate Tn, and these formulas rely on data from steel and concrete structures 
(Chopra & Goel, 1997; NRCC, 2010). Sarti (2015) investigated these empirical 
formulas in the context of controlled rocking heavy timber walls, and found them to 
significantly underestimate the wall’s Tn. Therefore, a means of estimating Tn is 
required for the controlled rocking heavy timber wall, presenting an opportunity for 
future research. Nonetheless, a Tn of 1.80 s is assumed for the prototype presented 
here, based on modal analysis of the numerical model presented in Chapter 4, and 
the final step in the design process presents a means of checking this initial 
assumption. 

3.2.2 Specify the Force Reduction Factor 
In force-based seismic design, a reduction factor is applied in the structural 

design process to reduce the seismic force for designing specific elements. The reduced 



Master’s Thesis – M. Kovacs – McMaster University – Civil Engineering
 

35 

force for design is related to the ductility available in the structural system, since 
the specific elements are expected to have a certain non-linear displacement capacity 
before failure. This concept is depicted graphically in Figure 3.2, reflecting the force-
displacement response of a structural member designed for a reduced level of loading. 
Note, the Canadian force reduction factor, RdRo, is referred to in subsequent 
discussion. 

Figure 3.2: Force reduction factors (RdRo) in terms of controlled rocking wall response 

The concept of designing to limit forces in specific members is fundamental to 
controlled rocking structures which concentrate structural deformations at specific 
ductile locations; in controlled rocking heavy timber walls, this is the base rocking 
joint. However, as discussed in Chapter 2 (Section 2.4.1), the peak displacement 
response (Δnon-lin) of a self-centering system is not effectively predicted by multiplying 
RdRo by the elastic displacement due to design forces. Instead, relatively large RdRo 
values can be selected for design of the controlled rocking heavy timber wall, but an 
additional non-linear displacement correction term is required at the end of the 
design process, to estimate the maximum Δnon-lin demand; the additional term is 
referred to as CR by Zhang (2015), and is shown in Figure 3.3. CR is determined by 
a regression equation as part of the design process, in Section 3.2.7. By considering 
CR in the later step, the controlled rocking heavy timber wall designer has some 
freedom in selecting RdRo for design. Furthermore, the designer can modify RdRo by 
considering the wind demand in the next step: RdRo can be increased to minimize 
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the design seismic demand relative to the wind demand, as long as the design wind 
demand does not exceed the rocking load. 

(a)  (b) 
Figure 3.3: (a) Elastic displacement under design force, and (b) expected non‐linear displacement  

For the following controlled rocking heavy timber design, an RdRo of 8.0 is 
selected based on research that has suggested that it may be possible to control the 
peak displacements to within the 2.5% roof drift limit of the NBCC, with RdRo of 
8.0. In the following step, the seismic demand is found to be larger than the wind 
demand; and in Section 3.2.7, Δnon-lin is estimated to be below the NBCC limit of 
2.5% for normal importance buildings; therefore, the resulting controlled rocking wall 
design could be modified in an additional iteration, and RdRo could be increased. 
However, if all other design variables are equal, the increase would be marginal over 
the selected RdRo of 8.0, so no additional iterations are considered for this prototype. 

3.2.3 Calculate Seismic and Wind Demands 
Seismic Demand Determination 

Seismic demand is determined by distributing a design base shear value to each 
storey of the structure, resulting in storey shear forces and an overturning moment 
at the base (NRCC, 2010). The seismic overturning moment demand is important 
to the design of a controlled rocking wall, as this is the demand which initial post-
tensioning forces are required to resist (Newcombe, 2011). The base shear to be 
distributed is determined by considering spectral acceleration (Sa(T)), tributary 
seismic weight (Wtrib), and RdRo, in accordance with Equation 3.1 (NRCC, 2010). 
For the prototype design, unity is assumed for modifying factors of higher mode 
effects and special importance buildings (Mv and IE, respectively). Higher mode 
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effects are accounted for with other methods that are specific to controlled rocking 
structures (see Section 3.4). Sa(T) is a function of the natural period (Tn) of the 
prototype, assumed in Section 3.2.1. Notably, Tn estimated in Section 3.2.1 is much 
longer than the NBCC Tn estimate formulae, resulting in substantially lower Sa(T), 
as shown in Figure 3.4. 

௕ܸ ൌ
ாܵ௔ሺܫ௏ܯ ௡ܶሻ ௧ܹ௥௜௕

ܴௗܴ௢
 Equation 3.1 

For Equation 3.1, Wtrib is provided in Table 3.1 for the prototype design, and 
RdRo is discussed and identified in Section 3.2.2. For the prototype, the design base 
shear value (Vb) from Equation 3.1 is 420 kN, for Tn equal to 1.80 seconds. 

 
Figure 3.4: NBCC response spectrum, comparing seismic responses from two Tn estimates 

Overturning moment at the base of the controlled rocking wall is a function of 
the design Vb: Vb is distributed over the wall height according to Equation 3.2, and 
overturning moments (OTM) at each storey are determined according to Equation 
3.3. Given the floor height and storey weights, the base OTM for design of the 
prototype is 5,990 kN·m. 
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௝ܨ ൌ ,݁ܿݎ݋ܨ ݕ݁ݎ݋ݐݏ ݆ ൌ ௕ܸ ቆ
௝ܹ ௝݄

∑ ௜ܹ݄௜௡
௜ୀଵ

ቇ Equation 3.2

௝ܯܱܶ ൌ ݃݊݅݊ݎݑݐݎ݁ݒܱ ,ݐ݊݁݉݋ܯ ݕ݁ݎ݋ݐݏ ݆ ൌ෍ ௜ሺ݄௜ܨ െ ௝݄ሻ
௡

௜ୀ௝
 Equation 3.3

Where ݊ ൌ ݎܾ݁݉ݑ݊ ݂݋  ݏݕ݁ݎ݋ݐݏ

ܹ ൌ ܿ݅݉ݏ݅݁ݏ ݕ݁ݎ݋ݐݏ  ݐ݄݃݅݁ݓ

݄௜,௝ ൌ ݐ݄݄݃݅݁ ݐܽ ݅௧௛/݆௧௛ݕ݁ݎ݋ݐݏ 

Wind Demand Determination 

In low-to-moderate seismic hazard regions, there is a possibility that wind 
demands could be larger than the design seismic demand, so the wind demands must 
also be checked. According to the Canadian building code (NRCC, 2010), buildings 
with a long period (Tn>1 s) should be analyzed by a dynamic wind analysis 
procedure, either involving wind tunnel experiments or a complex dynamic loading 
calculation requiring detailed structural damping and site specific data. To satisfy 
these complex analyses required by the NBCC, a more detailed wind analysis should 
be considered; however, the controlled rocking wall design will be selected such that 
seismic loading governs over the wind loading determined by the static analysis 
procedure, in lieu of the more complex dynamic design procedure. 

The static analysis procedure is based on external pressures applied to the 
windward and leeward faces of a building: uniform positive and negative pressures 
add to a cumulative lateral force, effectively acting at half the building height. For 
a square building, the critical wind pressure loading case is presented in Figure 3.5. 
This figure includes pressure-gust coefficients (CpCg) which are applied in Equation 
3.4 to calculate the uniform external pressures (pe). Note that the NBCC wind 
loading calculations require individual Cp and Cg values to be determined for 
buildings taller than twenty meters, resulting in larger wind loads than for buildings 
under twenty meters. 

௘݌ ൌ ௣ሻܥ௚ܥ௘ሺܥݍ௪ܫ Equation 3.4

Where  ௪ܫ ൌ ݈ܽ݉ݎ݋ܰ	ݎ݋݂	1.0 ݁ܿ݊ܽݐݎ݋݌݉ܫ ݏ݈݃݊݅݀݅ݑܾ
ݍ ൌ 0.41	݇ܲܽ	ሺݕ݈ݎݑ݋ܪ ݀݊݅ݓ ,݁ݎݑݏݏ݁ݎ݌ 1/50 ,ݏݎܽ݁ݕ 	ሻܽݓܽݐݐܱ
௘ܥ ൌ 0.7ሺ݄௥௢௢௙/12ሻ଴.ଷ, ݎ݋݂ ܾ݊ܽݎݑ ݀݊݅ݓ ݁ݎݑݏ݋݌ݔ݁

௣ܥ௚ܥ ൌ ݁ݎݑݏݏ݁ݎ݌ െ ݐݏݑ݃ ݐ݂݂݊݁݅ܿ݅݁݋ܿ ሺܰܥܥܤ, 	ሻܫ	ݕݎܽݐ݊݁݉݉݋ܥ
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The windward and leeward pressures combine to a net lateral force of 510 kN, 
effectively acting at half the building height. This results in a base OTM of 5,049 
kN∙m. There is an eccentricity of the design wind load due to gust effects at the 
building corners, this eccentricity is less than 3% of the building width, and so it is 
not considered in this thesis. 

(a)  (b)  

Figure 3.5: (a) Gust and pressure coefficients for wind load, and (b) resulting wind loads on prototype 

Seismic and Wind Demand Conclusions 

Base shear due to the static wind loading (510 kN) is greater than that from 
seismic loading (420 kN). However, OTM due to the seismic load distribution 
(5990 kN∙m) is larger than that due to the static wind load calculation (5090 kN∙m). 
Recall, the OTM is of particular importance to the design of controlled rocking walls; 
therefore, the seismic OTM demand is used in subsequent calculations. Base shear 
should be considered with respect to the design of a shear key element resisting the 
controlled rocking wall sliding at the base; however, the investigation of higher mode 
effects in Section 3.4 will present a governing base shear value for design. 

The governing load decisions presented here are particularly dependent on the 
force reduction factor (RdRo) and Tn. RdRo can be reduced, generally resulting in a 
larger seismic design force. Alternatively, RdRo can be increased, resulting in a lower 
seismic design force, but the wind demand can eventually govern the design if the 
non-linear displacement demand does not govern first (discussed in Section 3.2.7). 
With respect to Tn, it is important to recall that the seismic demand is determined 
from an estimated value (Section 3.2.1) at this stage; after selecting the quantity of 
walls in the structure, Tn must be confirmed (Section 3.2.4 and 3.2.8). A shorter Tn 
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will increase the seismic design forces; a longer Tn will result in a lower force, resulting 
in the wind demand eventually governing. 

3.2.4 Specify a Controlled Rocking Wall System Configuration 
A certain number of controlled rocking walls is required to resist the seismic 

demand on the structure. This decision is dependent on an individual controlled 
rocking wall’s ability to resist OTM. As such, a basic approximation of this OTM 
resistance capability is necessary, and can be made by approximating the resultant 
initial PT force (TPT,init) acting at the middle of a wall, and determining the moment 
about a rocking toe. This calculation is shown in Equation 3.5. 

௥௘௦௜௦௧ܯܱܶ ௔௣௣௥௢௫. ൌ
݈௪
2
ሺ ௉்ܶ,௜௡௜௧ሻ Equation 3.5 

Where ݈௪ ൌ ݄ݐ݈݃݊݁	݈݈ܽݓ

௉்ܶ,௜௡௜௧ ൌ ݈ܽݐ݋ܶ ݈ܽ݅ݐ݅݊݅ ܲܶ  ݁ܿݎ݋݂

In New Zealand, existing controlled rocking heavy timber walls have been 
designed with PT initially loaded to 800-1400 kN per wall, with two to four PT 
elements in a wall (Devereux et al., 2011; Opus International Consultants, 2014; 
Palermo et al., 2012). However, both Morris et al. (2012) and Yeoh et al. (2012) note 
that the resulting high level of stress has imposed long term creep problems, as 
discussed in Chapter 2. To avoid these problems in low-to-moderate seismic hazard 
regions, a maximum TPT,init of 180 kN to 220 kN is considered; and the manufacturer-
standard panel length, lw, is taken as 2.44 m (Nordic Structures, 2015). With this 
TPT,init, the OTM resistance provided by each wall is approximately 220 kN∙m to 
270 kN∙m. This assumes a wall configuration in which each wall shares 
approximately equal seismic weight. For the prototype, this means approximately 
twenty-two to twenty-seven walls are required (220 kN∙m to 270 kN∙m resisted per 
wall, up to 6000 kN∙m total). Twenty-four walls are selected for the prototype design, 
and more precise moment calculations are provided in subsequent steps.  

Note that with twenty-four 2.44-meter wide walls, an open architectural floor 
plan can easily be achieved, as shown in Figure 3.6. Larger panel lengths may also 
be used in design, but the 2.44 m panel is a standard size produced by manufacturers 
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in Canada and Europe (KLH UK, 2015; Nordic Structures, 2015). Joining two panels 
can be considered in future research, to develop a stiffer wall with significantly larger 
base connection moment capabilities. 

Figure 3.6: Design building archetype 

3.2.5 Select Controlled Rocking Wall Panel Dimensions and PT Elements 
CLT panels and PT elements are manufactured in a limited range of 

sizes/configurations with standard material properties. The selected elements for the 
prototype design are summarized in Table 3.2. Since an objective of the design 
process is to simplify the controlled rocking heavy timber wall design, only 
commercially available panel and PT elements are referenced for the prototype 
design, and logic for the CLT panel and PT element selection is presented below. 

The chosen CLT wall panel is 315 mm thick, with properties referenced from 
Nordic Structure (2015), given in Table 3.2. The panel’s layer configuration is 
suitable for a channel to be built into the middle layer for placing post-tensioning 
elements: the middle layer is a transverse grain layer with minimal structural 
importance for axial loading of the controlled rocking wall; layers are 35 mm thick, 
providing space for small PT elements and stability if a larger channel is needed for 
larger PT elements; and the outer two lamina are longitudinal layers which 
contribute to axial resistance of the controlled rocking wall.  

The selected PT bars are 26 mm in diameter, which is the smallest commercially 
available bar from DYWIDAG Canada (DSI, 2015). Minimizing the size of the PT 
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element is important, in order to minimize the size of duct/channel required in the 
controlled rocking panel. Furthermore, only a small diameter should be required 
because the design should minimize PT forces in a low-to-moderate seismic hazard 
region, to avoid timber creep, PT relaxation, and frequent maintenance. 

Two PT bar locations are specified, concentric about the center of the wall, each 
at approximately one-quarter of the wall length (see Figure 3.7). Specifying two bars, 
separated by approximately half the wall length, is a change from the centrally 
located designs in past research; however, it will help to minimize PT stress 
concentrations within the wall, avoiding damage to the face or edge of the wall panel 
(Sarti, 2015). Minimizing stress concentrations could also mitigate time-dependent 
creep concerns identified by Yeoh et al. (2012). Although the impact of PT stresses 
on wall panel creep (resulting in post-tension relaxation) was studied by Fragiacomo 
& Davies (2011) for LVL, resulting in a time-dependent creep model, estimating PT 
losses in CLT has not been studied, and presents an opportunity for further research. 
For the prototype, bar locations are specified from the bottom right of the wall in 
Figure 3.7; they are located at dPT2: 620 mm and dPT1: 1840 mm from the bottom 
right toe. 
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Table 3.2: Wall and Post‐Tension Details

CLT Wall  Post‐Tensioning (PT) 

Length, lw  2,440 mm  Bar Diam.  26 mm 

Height, hw  19,800 mm  Area, APT  548 mm2 

Depth, twall  315 mm  EPT  205 GPa 

Iz  3.813 x1011     

Ecomposite
1 (ECLT)  7,900 MPa  fy  830 MPa 

fc,parallel grain (fc,//)3  13.03 MPa  fult  1030 MPa 

fv,perp.grain3  1.5 MPa     

dPT1  1840 mm     

dPT2  600 mm     

Density (ρ)  5.1 kN/m3
     

Shear Modulus 2  518 GPa     

Shear Area (Av=5/6 
Cross‐section) 

640,500 
mm2

 
   

1 Composite theory (Gagnon et al., 2011) 
2 In‐plane, perpendicular to outer lamina grain (Flaig, 2014) 
3 Strength considering gross cross‐section 

Figure 3.7: Wall diagram 

 
Figure 3.8: Top view of CLT panel, demonstrating layer composition; not to scale 

3.2.6 Determine the Initial PT Force to Resist Seismic Forces 
To resist the design OTM determined in Section 3.2.3, an initial PT force (TPT,init) 

is required. The required TPT,init is determined by considering the connection forces 
at the controlled rocking wall base, and the OTM about the bottom corner of the 
wall when the controlled rocking system is at the peak of its linear response. The 
peak linear response is when the system begins to respond non-linearly to lateral load 
(i.e. begins rocking). When rocking begins, forces in the wall base are defined by 
stress conditions within the rocking toe, the wall self weight, and PT forces. To 
evaluate the base connection forces, a linear strain profile is assumed in the CLT 
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rocking toe, bound by a neutral axis (c); elastic material behaviour is assumed in the 
rocking toe, at the design rocking load, and can be confirmed using the base 
connection mechanics presented in Section 3.3. For design, the linear stress profile is 
represented by an effective point load (CCLT) acting one third of the distance from 
the rocking corner, as shown in Figure 3.10 (a). CCLT is a sum of the other forces 
acting on the wall (PT and self-weight) as shown in Equation 3.6. 

஼௅்ܥ ൌ ௦௘௟௙ܨ ௪௧ ൅ 2 ௉்ܶ,௜௡௜௧ Equation 3.6

For design, the location of the neutral axis when rocking is initiated must be 
assumed. The logic for three possible assumptions is presented here, and reflected in 
Figure 3.9 for two different PT configurations. In Figure 3.9 (a), a graphic from Sarti 
(2015) suggests that rocking begins when c equals half the wall length. However, in 
discussing the technical details of controlled rocking heavy timber wall design, Sarti 
(2015) also recommends taking c to be 30% of the wall length (not pictured here). 
For prototype design in this thesis, a widely spaced PT configuration is specified 
(where approximately half the wall length is between the two PT elements), and c 
is assumed to be at the second PT element, near the rocking toe, as shown in Figure 
3.9 (b). This location is equal to 25% of the wall length, which is reasonably similar 
to Sarti’s suggestion of 30% of the wall length. The neutral axis location is important 
for constructing the elastic stage of a pushover curve, shown in Section 3.3.8, since 
it allows for an estimate of the base connection rotation when rocking is initiated, as 
discussed in Section 3.3. Numerical modeling of the pushover curve in Chapter 4 
demonstrates the validity of the proposed assumption for the prototype evaluated in 
this thesis. However, the practical challenge of measuring the neutral axis depth is 
discussed in Section 4.2.1, and the sensitivity of the design process to this neutral 
axis depth assumption presents an opportunity for future research. 



Master’s Thesis – M. Kovacs – McMaster University – Civil Engineering
 

45 

(a)   (b)   

Figure 3.9: Controlled rocking heavy timber response, (a) suggested by Sarti (2015), and (b) suggested 
herein, for dual, widely spaced PT elements 

Regarding the wall self-weight and its line of action: a very small amount of 
lateral drift is expected from the heavy timber panel. The total amount of drift can 
be analytically determined with the analysis procedure presented in Section 3.3, and 
confirmed by numerical modeling (Chapter 4). In both the analytical and the 
numerical modeling cases, the elastic bending and shear contribute very little to the 
lateral motion of the wall at peak drift. Because very little elastic drift occurs, the 
wall’s self weight (Table 3.2) is simply assumed to act at the center of the wall length 
when the system begins rocking. 

When the system begins rocking, PT elongation in the extended element (PT1) 
is countered by a minor relaxation in the element nearest the rocking toe (PT2) due 
to rocking toe compression (see Figure 3.10 (a)). This countering effect 
approximately balances the two PT forces; therefore, the PT force is simply taken 
as the initial force. 

(a)  (b)   

Figure 3.10: (a) Free body diagram of the controlled rocking wall base, for elastic design 
(b) Cumulative PT force unchanged up to the point of decompression  
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Finally, the CLT compression force (Equation 3.6) is factored into a moment 
relationship about the rocking toe (Equation 3.7) and solved for TPT,init (Equation 
3.8). Recall that the building’s seismic OTM demand (Section 3.2.3) is equally 
divided over twenty-four walls (Section 3.2.4), resulting in 250 kN∙m demand on one 
wall (Mcon,design). 

௖௢௡,ௗ௘௦௜௚௡ܯ ൌ ௪௧	௦௘௟௙ܨ	
݈௪
2
൅ ௉்ܶ,௜௡௜௧݀௉்ଵ ൅ ௉்ܶ,௜௡௜௧݀௉்ଶ െ ஼௅்ܥ

ܿ
3
 Equation 3.7

௉்ܶ,௜௡௜௧ ൌ
௖௢௡,ௗ௘௦௜௚௡ܯ െ ௦௘௟௙ܨ ௪௧ ቀ

݈௪
2 െ ܿ

3ቁ

݀௉்ଵ ൅ ݀௉்ଶ െ
2ܿ
3

 Equation 3.8

In the prototype, TPT,init is found to be 83.5 kN per PT element, referencing the 
properties outlined in Table 3.2 and the design base connection moment, Mcon,design. 

3.2.7 Check the Non-Linear Deflection 
The structure’s elastic deflection due to design forces must be evaluated and 

multiplied by both RdRo and Zhang’s multiplier for self-centering system response, 
to determine a maximum non-linear deflection as discussed in Section 3.2.2. The 
maximum non-linear deflection is then checked against the 2.5% drift limit in the 
building code (NRCC, 2010). 

Elastic deflection of the controlled rocking heavy timber panel can be determined 
from basic structural principles. However, for a simple structure like the prototype 
in which storey weights and heights are approximately equal, Sarti (2015) provides 
the derivation of a simple equation: the elastic shear and flexure deflection is 
simplified as a function of Mcon,design for a controlled rocking wall in which the 
earthquake loading distribution can be approximated as an inverted triangular 
distribution (equal interstorey height, H; equal seismic storey mass). 
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δୠ ൌ
ଶܪ௖௢௡,ௗ௘௦௜௚௡ܯ

௭ܫ஼௅்ܧ6

݊
∑ ݅ଶ௡
௜ୀଵ

෍ ݅ଷሺ3 െ
݅
݊
ሻ

௡

௜ୀଵ
  Equation 3.9 

δ௦ ൌ
௖௢௡,ௗ௘௦௜௚௡ܯ

௩ܣ஼௅்ܩ
  Equation 3.10 

Where  ݊ ൌ ݎܾ݁݉ݑ݊ ݂݋ ݏݕ݁ݎ݋ݐݏ
௭ܫ ൌ ݐ݊݁݉݋݉ ݂݋ ܽ݅ݐݎ݁݊݅ ݂݋ ݄݁ݐ ;݈݁݊ܽ݌ ݁݁ݏ Table	3.2 
஼௅்ܧ ൌ ݏݑ݈ݑ݀݋݉ ݂݋ ݕݐ݅ܿ݅ݐݏ݈ܽ݁ ݂݋ ݄݁ݐ ;݈݁݊ܽ݌  3.2	Table	݁݁ݏ

For the prototype, the deflection terms in Equation 3.9 and Equation 3.10 are 
solved using the design connection moment determined in Section 3.2.3. The 
resulting elastic deflection (sum of Equation 3.9 and Equation 3.10) is 10.1 mm. The 
elastic deflection is multiplied by the RdRo selected in Section 3.2.2, to estimate the 
peak non-linear deflection of 80.8 mm according to equal displacement theory.  

The additional multiplier for self-centering system displacements, by Zhang 
(2015) can be determined using the equation and regression coefficients first 
presented in Chapter 2. The tangential damping condition is considered for this 
calculation, as it was identified as the most conservative case, producing the largest 
displacement estimate (Zhang, 2015). The R term, corresponding to RdRo in (NRCC, 
2010), is 8.0; there is no energy dissipation contribution to the system response, so β 
is zero; and Tn was estimated as 1.80 s, as confirmed in the next step of the iterative 
design process. The result is a CR equal to 2.04. Therefore, the expected non-linear 
deflection (Δnon-lin) is 164 mm, equal to 0.83% roof drift (θnon-lin). This non-linear 
deflection value is less than the 2.5% allowable drift for normal importance buildings 
in the Canadian building code (NRCC, 2010). 

3.2.8 Check Tn of the Selected Configuration 
Although Tn of the prototype was assumed in Section 3.2.1, the assumption must 

be checked considering the selected wall design and seismic loads associated with a 
controlled rocking wall in the structure. To check the assumption for the prototype, 
Sarti (2015) is referenced for research on Tn of a controlled rocking heavy timber 
wall.  
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As identified in Section 3.2.1, Sarti (2015) explored Tn of the controlled rocking 
wall through numerical modeling and experimental data. The Rayleigh method 
provided a good estimate of the initial period, but Sarti multiplied the Rayleigh–
estimated period by 1.4 to match the numerical model’s results (see Figure 3.11 and 
Equation 3.11). The magnified Rayleigh-period estimate accounts for an initial 
structural flexibility due to a flexible base connection, identified on Figure 3.11: the 
elastic stiffness of the controlled rocking wall is taken as the “yield-secant stiffness” 
(shown in Figure 3.11). This yield-secant stiffness is a function of the base connection 
model, which models the base connection with some degree of flexibility. Without 
the magnification, the Rayleigh-estimated period represents that of the controlled 
rocking wall with a rigid base connection. 

ଵܶ ൌ 1.4 ∙ ඨߨ2
∑ ௜݀௜ܨ

ଶ௡
௜ୀଵ

݃∑ ௜݀௜௡ܨ
௜ୀଵ

 

݀௜ ൌ Δ	݂݋	ݕ݁ݎ݋ݐݏ	݅	݁ݑ݀	݋ݐ	ݏ݁ܿݎ݋݂,  	௜ܨ
݅ܨ	 ൌ ݉݅݃,  ݕ݁ݎ݋ݐݏ	݄ܿܽ݁	ݐܽ	݈݀݁݅݌݌ܽ

Equation 3.11

Figure 3.11: System pushover curve, 
including yield secant stiffness 

To investigate the period-estimation theory presented by Sarti, both the 
unmagnified Rayleigh method and Dunkerley’s method were applied to the prototype 
design (for Dunkerley’s method, see Figure 3.12 and Equation 3.12). Dunkerley’s 
method is a variation of the Rayleigh method for approximating the natural 
frequency of the first mode of a multi-degree of freedom system (Chopra et al., 1997). 
The advantage of Dunkerley’s method is that it is a simple solution, requiring only 
the seismic mass, and the cross-section and material properties of the selected wall 
panel, providing an upper bound to the Tn estimate, relative to the Rayleigh method 
(Chopra et al., 1997). 

Δ

F
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Figure 3.12: Explanation of Dunkerley's method, associated with Equation 3.12 

1
߱ଵ೙
ଶ ൎ෍
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௜ୀଵ

߱௜ ൌ /ߨ2 ௜ܶ೙ Equation 3.12 

For the prototype, the results of the Rayleigh and Dunkerley methods were 
similar, at 1.58 and 1.61 seconds respectively. Alternatively, an eigenvalue analysis 
of the numerical model, presented in Chapter 4, results in a first mode Tn of 1.80 
seconds. To match this result in the same manner as Sarti, a magnifier of 
approximately 1.12 is required. This magnifier serves the same purpose as for Sarti’s 
model, adjusting for the yield-secant stiffness of the controlled rocking CLT wall, 
rather than the initial stiffness which would be analogous to a fixed cantilever. This 
theory can be confirmed with the numerical model presented in Chapter 4, by 
significantly increasing the base connection stiffness to create the same fixed-
cantilever model that is assumed by the Rayleigh and Dunkerley method, and 
performing an eigenvalue analysis. The resulting first mode Tn (1.62 seconds) is very 
similar to the Rayleigh and Dunkerley estimates of 1.58 and 1.61 seconds. 

There is a difference in magnifier values relating the initial stiffness to the yield-
secant stiffness, between Sarti’s research and the prototype design. This difference is 
due to the numerical modeling technique applied in the respective theses, which is 
discussed in Section 2.3.3. In summary, Sarti’s numerical model base connection 
relies on spring stiffnesses that are related to the effective height of the controlled 
rocking wall, in accordance with a controlled rocking wall modelling analogy called 
the Monolithic Beam Analogy (MBA). In this thesis, the numerical model is based 
on the Winkler Spring Analogy (WSA), relying on spring stiffnesses with shorter 

T1 T2 T3

T1n(T1,T2,T3)

h1 h2 h3

h3h2h1

E,I

E,I E,I E,I
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effective lengths (i.e. stiffer springs). In conclusion, these multipliers are functions of 
(at least) the numerical modeling technique: neither numerical model considers the 
base connection to be rigidly fixed. This intermediate base-fixity condition is likely 
true in practice, so this should be considered in evaluating Tn at the end of a design 
process. If modeling with the WSA however, a Rayleigh or Dunkerley method will 
be closer to the eigenvalue result of the numerical model than the MBA. 

3.2.9 Summary of Initial Design Phase Outcomes 
The seismic OTM demand on a prototype building was considered in the 

selection and design of controlled rocking heavy timber walls for the building. 
Twenty-four walls were selected to resist the OTM demand. Each wall is post-
tensioned using two separated PT elements; both the wall and PT elements are 
summarized in Table 3.2. The required initial PT force is 83.5 kN per element 
(167 kN per wall) in order to resist the OTM demand before the controlled rocking 
system rocks and responds non-linearly. The maximum non-linear response is 
estimated to be 164 mm, or 0.83% of the wall height. All subsequent modeling 
assumes that the seismic storey weight is 367 kN for a floor, and 354 kN for the roof. 

3.3 Analysis of Controlled Rocking Wall Response 

The following sections present a controlled rocking wall analysis process, in 
which the base-connection response is analyzed at discrete points in the rocking stage 
of the controlled rocking heavy timber wall response, including at 1% and 2% roof 
drift, and at the initial rocking stage. The analysis is used to construct a plot 
approximating the wall’s base shear and base connection moment response against 
lateral drift, shown in Section 3.3.8. The resulting pushover plot is necessary for the 
capacity design procedures presented in Section 3.4, and is also compared with the 
numerical model pushover in Chapter 4.  

The pushover plot is discretized at 1% and 2% roof drift due to the base 
connection model: the base connection mechanics presented herein reference the 
Winkler Spring Analogy (WSA). At a given base connection rotation (θcon), the WSA 
determines a base connection stiffness that is dependent upon the neutral axis depth 
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at that θcon. The empirical relationship between the neutral axis depth and the 
connection stiffness adds an additional level of complexity, requiring iterations of the 
neutral axis depth for every different θcon. A computer script could iterate through 
θcon to produce a continuous pushover curve, including the base shear and connection 
moment; however, the discretized plot is efficient and matches closely with the 
numerical model pushover presented in Chapter 4.  

The following base connection analysis process is summarized in Figure 3.13, 
which can be compared with a similar process by Sarti (2015). Most differences are 
identified in their respective steps, but some key points are highlighted here: 

1. Since only two roof drift solutions are of interest (roof drift of 1% and 2%) 
it is necessary to evaluate the assumed rotation (θcon) at the end of the 
process to ensure θcon is associated with the roof drift (see Sections 3.3.1 and 
3.3.7). 

2. Any consideration for supplemental energy dissipation is excluded in this 
process, reducing the complexity of the structural mechanics to be 
considered. 

3. The WSA is applied in this thesis, rather than the MBA, for modeling and 
analyzing stresses and strains in the controlled rocking wall base connection. 

Figure 3.13: Pushover analysis process 
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3.3.1 Assume a Base Strain Profile Rotation (θcon) 

Figure 3.14: Visualizing the stress and strain profile on the rocking toe 

The stress and strain profiles in the base connection interface of a controlled 
rocking wall can be considered as shown in Figure 3.14. In rigid body rocking with 
a flexible base, the θcon term in Figure 3.14 is also the peak roof drift; however, this 
is not the case in a controlled rocking timber wall because elastic flexural and shear 
deformations also contribute to the roof drift (Newcombe, 2011), as depicted in 
Figure 3.15. The elastic deformations are not trivial to predict until a base connection 
response is known; therefore, the analysis procedure is conducted by assuming a θcon 
term, and the base connection response is determined. Then the elastic drift 
contribution is evaluated and added to θcon to determine the total roof drift. If a 
peak roof drift is of interest (for example, 1% and 2% roof drift), then structural 
mechanics can then be re-evaluated if the total roof drift does not meet the target 
roof drift of interest. Note that such an iteration is not necessary if a computer is 
iterating through a series of θcon to produce a continuous pushover plot. 

 
Figure 3.15: Contributions to roof drift in the non‐linear stage of rocking 

θcon of 0.01897 radians is used for the following prototype calculations, targeting 
a total peak roof drift of θroof = 0.02 radians (2% of the wall height). This specific 
value is confirmed in Section 3.3.7, when the elastic drift is calculated. It is also 
compared to the numerical model testing in Chapter 4. 
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3.3.2 Assume Neutral Axis Depth and Determine Winkler Spring Length 

The controlled rocking timber wall base can be visualized as a row of zero length 
Winkler springs, as shown in Figure 3.16, to understand the base connection and 
simplify the design and analysis procedure. An iterative process is undertaken 
between Sections 3.3.2 and 3.3.5 to determine the neutral axis depth (c) in the row 
of Winkler springs, for the current θcon iteration. 

 
Figure 3.16: Controlled rocking CLT wall base connection visualized as row of Winkler springs 

In the design process (Section 3.2), c was assumed to be located at the second 
PT element, closest to the rocking toe. However, in the rocking stage, c is expected 
to be between the second PT element and the rocking toe (consider Figure 3.7, 
rocking about right corner; also, Figure 3.9 (b)). An initial estimate is made for c, 
and an effective Winkler spring length (Leff) is determined using the following 
empirically derived equation (Newcombe, 2015): 

௘௙௙ܮ ൌ 120 ൬
݈௪
ܿ
െ 1൰ Equation 3.13 

For the following calculations, c is assumed to be 186 mm. c is checked at the 
end of the process, and by numerical modeling in Chapter 4. With c equal to 186 
mm, Leff is equal to 1456 mm. 

3.3.3  Evaluate the Timber Rocking Toe Interface 
A stress (σ) profile is overlaid on the associated strain (ε) profile in Figure 3.14. 

These stress and strain profiles are expected in the rocking toe of the CLT panel, 
assuming a bi-linear stress-strain relationship, as shown in Figure 2.11 (b) (Ganey, 
2015). Strain in the rocking toe interface is described by Equation 3.14. Yield 
strength in compression is taken as CLT’s compressive strength (13 MPa), and given 

Winkler Springs:
Kws=ECLTAele/Leff
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the yield strength, the yield strain (occurring at cyield) is determined by dividing by 
ECLT. In the prototype the yield strain is 0.00165 (Table 3.2).  

஼௅்ߝ ൌ ௘௙௙ܮ/ݕ௖௢௡ߠ Equation 3.14 

Both cyield and the maximum strain (εCLT,max) can be determined by geometric 
relations. The compressive force in the rocking toe (CCLT) and the effective location 
of that force (ycent), are determined by the following relationships: 

஼௅்ܥ ൌ ௪௔௟௟ݐ න ஼݂௅்ሺݕሻ
௖

଴
ݕ݀ ൌ ௪௔௟௟ݐ ቂߪ௬

ܿ௬௜௘௟ௗ
2

൅ ௬൫ܿߪ െ ܿ௬௜௘௟ௗ൯ቃ , 		ܿ ൒ ܿ௬௜௘௟ௗ Equation 
3.15 

௖௘௡௧ݕ ൌ
௪௔௟௟ݐ
஼௅்ܥ

ቈߪ௬
ܿ௬௜௘௟ௗ
ଶ

3
൅ ௬ߪ ቆ

ܿଶ

2
െ
ܿ௬௜௘௟ௗ
ଶ

2
ቇ቉  Equation 

3.16 

Equation 3.15 and Equation 3.16 are derived by integrating the compression 
stresses over the rocking toe interface and equating the compression stress with an 
equivalent effective point load (CCLT in Figure 3.14). These equations are limited to 
when the rocking toe has yielded, which is a reasonable assumption at 2% roof drift 
considering Newcombe’s (2011) observations with LVL tests; yielding is an especially 
reasonable assumption given the weaker mechanical properties of CLT. For low drifts 
(when yielding is not expected), the principles of these equations still apply, although 
some modification is required to the integration in Equation 3.15, and to the moment 
calculation resulting in Equation 3.16. 

In contrast to this section, the structural mechanics analysis by Sarti (2015) 
assumes there is no non-linearity in the rocking toe, even as the roof drift approaches 
2%. This is a product of the Monolithic Beam Analogy (MBA), developed prior to 
the WSA: Newcombe (2015) demonstrated the inaccuracy of this assumption, 
concluding that the MBA underestimates the timber stress and strain by up to an 
order of magnitude, due to its reliance on a much longer effective spring length; see 
Section 2.3.3 for further background. 

Newcombe (2011) also suggests that the effective length relationship (Equation 
3.13) is only valid up to twice the yield strain. This limit should be checked at the 
extreme CLT fiber. It is also worth investigating Equation 3.13 in the context of 
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CLT panels, since finite element models and test results for LVL may not be the 
same for CLT, requiring a new effective length relationship. For the purpose of this 
thesis, the relationship is deemed acceptable, but this factor is noted for future 
research. 

Compression in the CLT for the prototype is determined to be 503 kN, and the 
centroid of the compression region is 120 mm from the neutral axis. 

3.3.4  Determine Post-Tension Forces 
An initial PT force, TPT,init, was previously calculated to achieve a base 

connection resistance of Mcon,design at the peak elastic response (Section 3.3.1). Beyond 
the elastic stage, PT forces must be determined from the controlled rocking wall 
uplift motion. Newcombe (2011) and Sarti (2015) suggested determining the uplifted 
PT force from the vertical elongation of the PT element at the wall base, considering 
the geometry depicted in Figure 3.17 (a), and Equation 3.17. The result of this 
simplification is evident in some of Sarti’s (2015) experimental versus analytical 
plots: there is an underestimation of PT forces compared to the experimental data. 
This underestimation is identified by the measure lines in Figure 3.17 (b). 

(a)  (b)  

Figure 3.17: PT elongation (a) diagrammatically, (b) demonstrating underestimation of the analytical 
method 

Δݕ௉்,௜ ൌ ௖௢௡ߠ ∙ ሺ݀௉்,௜ െ ܿሻ Equation 3.17 

Since a lower PT force is expected in the PT elements for low-to-moderate 
seismic hazard regions, the underestimation observed in previous studies could be 

ΔLPT
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significant relative to the overall PT forces. In response, a more detailed PT 
elongation analysis is proposed here, relying on the neutral axis depth, base 
connection rotation, horizontal drift, initial PT force, initial wall shortening, and 
basic geometric relations. The vertical PT elongation is the same as presented by 
Newcombe (2011) and Sarti (2015); however, the horizontal drift was neglected in 
previous studies. 

Horizontal displacement is calculated from the expected peak drift, as per 
Equation 3.18. 

Δݔ௉் ൌ ௧௔௥௚௘௧ߠ ௥௢௢௙ ௗ௥௜௙௧ ∙ ݄௪௔௟௟ Equation 3.18 

Wall shortening is also considered, as shown in Equation 3.19, based on the 
static stress state (self-weight and initial PT).  

Δ஼௅்,௥௘௟௔௫ ൌ
2 ௉்ܶ,௜௡௜௧ ൅ ௦௪ܨ
஼௅்ܧ௪௔௟௟ܣ

∙ ݄௪௔௟௟ Equation 3.19 

It is reasonable to question the inclusion of the CLT relaxation term in the 
change of length calculation: the initial PT shortening is accounted for in the 
installation of the PT element, as the wall shortens before the PT is locked. However, 
comparisons of the analytical expectations and numerical model results show a better 
match when the term is included, as shown in Figure 3.18. In particular, including 
the relaxation term reduces the final PT forces slightly, such that one PT force 
underestimates the numerical model, and the other overestimates the model (±2%). 
This over- and underestimate balances the total PT force on the analytical system. 
Since the total PT force is referenced in subsequent base force calculations, this 
balance is beneficial. In physical testing, rocking toe compression and wall bending 
effects should be investigated to understand this phenomenon. 

Three deformation values now define the horizontal and vertical translation of 
the top PT node, between the initial loading state and the target roof drift (Equation 
3.17-Equation 3.19). Equation 3.20 is applied to approximate the change in PT 
length by adding the resultant of these translation vectors and subtracting the 
original length. Equation 3.21 defines the final PT force, given the approximated 
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change in PT length. For the prototype at θcon=0.01897 rad, the first and second PT 
forces are 279 kN and 146 kN respectively (see Table 3.3). 

ΔL୧ ൌ L୤୧୬ୟ୪,୧ െ ௜௡௜௧ܮ ൌ ටሺ݄௪௔௟௟ െ Δ஼௅்,௥௘௟௔௫ ൅ Δݕ௉்,௜ሻଶ ൅ Δݔ௉்
ଶ െ ݄௪௔௟௟  Equation 3.20

ܲ ௙ܶ௜௡௔௟,௜ ൌ ܲ ௜ܶ௡௜௧ ൅
ΔL୧
h୵ୟ୪୪

∙  ௉்ܧ௉்ܣ

Where 	݅ ൌ ܲܶ ݐ݈݊݁݉݁݁ ݎ݂݁݅݅ݐ݊݁݀݅ ሺ1 ݎ݋ 2ሻ 

Equation 3.21

Table 3.3: Post‐tension calculation variables and results 

  PT#1 (i=1)  

(Furthest from rocking toe) 

PT#2 (i=2) 

(Closest to rocking toe) 

ΔxPT  396 mm  396 mm 

ΔyPT  31.4 mm  7.85 mm 

ΔCLT,relax	 0.80 mm  0.80 mm 

ΔLi (ΔyPT, ΔxPT, ΔCLT,relax)  34.6 mm  11.0 mm 

TPT,init	 83.5 kN  83.5 kN 

PTfinal	 279 kN  146 kN 

The PTfinal estimate presented here is meant to be a closer prediction of PT 
forces, given the underestimation presented by the earlier approximation (Figure 
3.17 (b)). This underestimation can affect other parts of the analysis as well, since 
subsequent sections (including the iteration of c) rely on PTfinal. It is also important 
to minimize error in the PT force estimate given the relatively small design PT force 
in a low-to-moderate seismic hazard region compared to that required in a design for 
higher seismicity. 

A comparison of PTfinal estimates is shown in Figure 3.18, for the wall and PT 
properties provided thus far; the numerical model result is taken as the reference 
value. The PTfinal estimate by Newcombe (2011) and Sarti (2015) is clearly the lower 
bound, whereas the estimate presented in this thesis (including wall shortening) 
bounds the PT force estimates from the reference case by +/-2.5%. The cumulative 
force matches the numerical model and, as shown in Chapter 4, leads to excellent 
neutral axis estimation relative to the numerical model with Winkler springs. 
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Figure 3.18: Comparing PT Force Estimates with Numerical Model Results 

3.3.5 Check Force Equilibrium at the Connection Interface 
Rocking toe compression, post-tensioning, and wall self-weight are combined, 

seeking force equilibrium at the connection interface. If equilibrium is not achieved, 
Sections 3.3.2-3.3.5 must be reiterated to converge on a satisfactory neutral axis 
depth (c) for the current θcon. This iteration for c can be performed quickly in a 
spreadsheet, before moving out of this iteration loop. For the prototype, this 
equilibrium is confirmed with the final iteration of c equal to 186 mm, given θcon 

equal to 0.01897 radians. 

3.3.6 Calculate Connection Moment and Base Shear 
Moment contributions are determined by considering the post-tensioning PT 

elements, wall self-weight (Fsw), and CLT compression region in the context of the 
controlled rocking wall system. These values were identified for the prototype in the 
previous sections, and are depicted in Figure 3.19. 

During the non-linear stage of the controlled rocking wall response, base 
connection moment response (Mcon) is determined by taking the moments about the 
middle of the base; the equation is provided in Equation 3.22. In this equation, the 
self-weight and CLT compression force terms can increase or decrease the connection 
moment term, depending on the direction of rocking taken for the analysis. PT forces 
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at the top of the wall are broken into their respective components, as shown in Figure 
3.19. In recent controlled rocking heavy timber studies, only the vertical component 
is considered in the Mcon equation; however, the horizontal component is a significant 
portion of the resulting Mcon at 2% roof drift in the prototype, as seen in Table 3.4. 

  
Figure 3.19: Controlled rocking wall forces and connection moment during non‐linear rocking, assuming the roof 

is rocking to the right; includes example lateral forces 
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൫ߠ௧௔௥௚௘௧	௥௢௢௙	ௗ௥௜௙௧ ∙ ݄௪௔௟௟൯

2
 

Equation 3.22

Fsw only includes the wall self-weight, as per discussion in Section 2.3.3: various 
connection details have been proposed to ensure displacement compatibility between 
the uplifting wall and the associated floor beams, and these connections allow the 
wall to uplift independent of the rest of the building. Fsw is taken mid-way between 
the roof drift and the middle of the base, effectively assuming the wall’s center of 
gravity will drift half as far as the roof. In the first mode response, most of the 
motion is rigid body rocking, so this is a reasonable assumption. For the prototype, 
the resulting Mcon is 810 kN∙m. The contributing moment values are presented in 
Table 3.4. 
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Table 3.4: Connection moment contributions (non‐linear rocking stage) 

Moment Contribution  % of Mcon 

MCLT  575 kN.m  71%

MPT,2,Y  ‐90 kN.m  ‐11%

MPT,1,Y  171 kN.m  21%

MPT,2,X  57 kN.m  7%

MPT,1,X  109 kN.m  14%

Msw   ‐15 kN.m  ‐2%

Mcon   810 kN.m  100%
 

Equation 3.22 calculates the base connection moment, as did Equation 3.7 in the 
initial design phase. In the initial design phase however, the rigid body motion (θcon) 
was assumed to be negligible, so only the initial vertical post-tensioning force was 
used in the Mcon calculation. Furthermore, Equation 3.7 takes the moments about 
the bottom corner of the wall, while Equation 3.22 takes moments about the center 
of the wall base; either point is acceptable. 

Finally, Mcon is used to determine the controlled rocking wall base shear (Vbase) 
at the current rocking state, θcon, using Equation 3.23. In the prototype, Vbase is 
determined to be 57.3 kN with an effective height of 14.24 m. 

௕ܸ௔௦௘ ൌ
௖௢௡ܯ

௘௙௙ܪ
 Equation 3.23

Where ܪ௘௙௙ ൌ
∑ ௠೔௛೔

మ೙
೔సభ

∑ ௠೔௛೔
೙
೔సభ

ൌ effective SDOF height  

3.3.7 Determine Total Roof Drift (Flexure and Rocking) 
As identified in Section 3.3.2, a small portion of the roof drift is due to elastic 

flexure and shear in the timber panel (elastic drift, θel). The largest component, due 
to rigid body rocking, was assumed in Section 3.3.1 and relied upon in Sections 3.3.2 
- 3.3.6 to determine the resulting connection moment and base shear (Mcon and Vbase).  

Sarti’s (2015) deflection analysis calculation, which was applied in Section 3.2.7 
to determine θel at the initial rocking state (Equation 3.9-Equation 3.10), is recalled 
here in Section 3.3.7 to determine θel at the roof due to Mcon, given the current θcon. 
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The resultant θel in the prototype design, according to this method, is 0.167% of the 
wall height (0.00167 radians). θcon was assumed to be 1.897% of the wall height 
(0.01897 radians), so the total roof drift is 2.06% of the wall height (0.0206 radians). 
This is 3% larger than the 2% roof drift targeted for the analysis. Although the 
difference is small, the following discussion will explore this finding further. 

Considering a free-body diagram of the controlled rocking heavy timber wall 
with widely-spaced PT elements (Figure 3.20 (a)), a force-imbalance is realized at 
the top of the wall. The imbalance is especially apparent in Figure 3.20 (b), the 
representative figure for the numerical model. The imbalance causes a uniform 
moment over the height of the wall (MPT), as shown in Figure 3.20 (c), resulting in 
elastic bending opposite the direction of wall rocking. This bending contribution 
motivates a modification to Sarti’s method which leads to an alternative elastic 
bending drift estimate. 

(a)  (b)   (c)  

Figure 3.20: (a) Controlled rocking wall, considering PT force couple and connection moment; (b) 
numerical model representation (Chapter 4); (c) moment diagrams related to elastic bending 

The proposed modification builds on Sarti’s derivation of bending and shear drift 
due to seismic forces at the floor levels, and adds a bending drift term (θPT,roof) which 
acts opposite to the direction of rocking:  

௘௟ߠ ൌ ൤
௕ߜ ൅ ௦ߜ
݄௪

൨ െ  ௉்,௥௢௢௙ߠ Equation 3.24

MPT is concentrated at the top of the wall, and is calculated from the different 
PT forces located concentric about the center of the wall. The concentrated moment 
is calculated as: 

PT1

PT2

Mcon

PT1 PT2

Mcon

+

Mcon-MPT MPT
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M௉்,௥௢௢௙ ൌ ሺܲ ௙ܶ௜௡௔௟,ଵ െ ܲ ௙ܶ௜௡௔௟,ଶሻ݀௖௘௡௧   Equation 3.25 

Where ݀௖௘௡௧ ൌ ݁ܿ݊ܽݐݏ݅݀ ݋ݐ ܲܶ ݉݋ݎ݂ ݎ݁ݐ݊݁ܿ ݂݋  ݈݈ܽݓ

ܲ ௙ܶ௜௡௔௟,ଵ ൐ ܲ ௙ܶ௜௡௔௟,ଶ 

The direction of the PT moment causes bending in the opposite direction of the 
rocking motion, since the first PT to extend due to uplift is larger than the PT 
closest to the rocking toe (see Figure 3.17). Given the moment due to the PT 
imbalance concentrated at the roof, the drift at the roof is calculated from structural 
mechanics of a cantilever beam: 

௉்,௥௢௢௙ߠ ൌ ௉்ܯ
݄௪

௭ܫ஼௅்ܧ2
  Equation 3.26 

In the prototype, MPT is determined to be 82.7 kN∙m (10% of the connection 
moment in the current θcon iteration, near 2% roof drift), and θPT,roof due to this PT 
couple is 0.0272%, opposing θel and resulting in a total estimated elastic drift of 
0.140% of the wall height. In total, the roof drift is 2.03% of the wall height. This 
total roof drift is only 1.5% larger than the target, in contrast to 3.0% larger in the 
initial analysis estimate, and is considered close enough for a final iteration. Note 
that for the prototype, θel was calculated using Mcon whereas MPT should be subtracted 
from this value for a more rigorous application of this theory. 

The lower modulus of elasticity associated with CLT, and the wider spaced PT 
elements proposed in this design, can result in more pronounced effects due to 
bending by the top-of-wall PT moment, relative to LVL specimens.  

3.3.8 Pushover Plot Construction 
The initial design phase (Section 3.2) and subsequent analysis of the controlled 

rocking wall in the rocking stage (Section 3.3) resulted in several key base shear and 
overturning moment values for the prototype design. These values occur when 
rocking is initiated, and at 2% roof drift, whereas the estimated peak non-linear drift 
for the prototype was 0.83%. These values are sufficient for a designer to construct 
a three-point pushover curve (including a point at the origin) which is necessary for 
the application of the capacity design procedures presented in Section 3.4. However, 
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the base connection mechanics principles applied in Section 3.3 can also be used to 
determine several other response values at key points in the rocking stage, including 
the contribution of rocking drift at the initial rocking state, and at an intermediate 
point like 1% roof drift. These additional points have been calculated and are used 
to construct a pushover curve for comparison with the pushover response from a 
numerical model in Chapter 4. 

The calculated data points for the pushover plots are summarized in Table 3.5; 
the pushover plots are shown in Figure 3.21. Note that the initial rocking state is a 
combination of elastic deflections (Section 3.2.7) and rigid body rotation, which can 
be determined with the base connection mechanics principles of Section 3.3. 

Table 3.5: Summary of pushover data points, determined in Sections 3.2‐3.3 

  Roof Drift, Δ	(θroof)  Base shear, Vb  Base connection moment, Mcon 

Initial State  
(Stationary) 

0 mm  
(0 radians) 

0 kN  0 kN∙m 

Initiation of 
Rocking (Design 
Response) 

14.1 mm 
(0.712x10‐3 radians) 

17.5 kN  250 kN∙m 

1% Roof Drift 
198 mm  
(0.01 radians) 

34.6 kN  493 kN∙m 

Peak Roof Drift  
(Rocking) 

402 mm  
(0.0203 radians) 

57.3 kN  816 kN∙m 
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(a)  

(b)  

Figure 3.21: Prototype design pushover curves (a) base shear, and (b) base connection moment, versus 
roof drift 

3.4 Capacity Design: Considering Higher Mode Effects 

The design process presented thus far considers the first mode response to 
dominate the controlled rocking wall behaviour. By this process, the largest bending 
moment and shear demands are at the base of the wall, and therefore the timber 
panel’s bending moment and shear strength capacities would be checked against 
these demands. However, Newcombe (2011) and Sarti (2015) found that higher 
modes of vibration also affected the controlled rocking wall’s response, especially by 
imposing larger shear force and bending moment demands above the base of the wall. 
These findings are consistent with other controlled rocking systems, such as 
controlled rocking steel braced frames (Lydell Wiebe et al., 2015b), as discussed in 
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Section 2.4.2. Therefore, to evaluate the influence of higher modes on a controlled 
rocking heavy timber wall, a dynamic procedure, an equivalent static force (ESF) 
procedure, and a cantilevered beam analogy (CBA) are outlined here, based on 
research for the capacity design of controlled rocking steel braced frames: the 
dynamic and equivalent static force procedures were presented by Steele & Wiebe 
(2016), building on the theory for the CBA which was first presented by Wiebe & 
Christopoulos (2015). These procedures are applied to the prototype model to 
evaluate the peak higher mode demands, and these estimates over the wall height 
are compared with the numerical modeling results in Chapter 5. 

3.4.1 Dynamic Procedure 
The dynamic procedure relies on a simplified model of the controlled rocking 

system in which the boundary conditions are modified to those during rocking, as 
this is the state in which the peak response is observed. The model can be constructed 
in a commercial software engineering package, using boundary conditions as shown 
in Figure 3.22 (a), including a pin at the base corner to simulate rocking about the 
toe, and linear springs at the top-of-wall PT anchorage. The initial PT loads, 
determined in design, are placed on the linear springs. The wall is represented by 
beam elements between each storey, representing the shear and bending properties 
of the timber panel. These beam elements run along the centerline of the model, and 
rigid elements are used to connect the centerline to the rocking toe at the base, and 
the PT linear springs at the roof level. By defining the model in this manner, the 
rocking loads and higher mode effects can be captured with a static loading 
configuration and response spectrum analysis, respectively. 

The first mode (rocking) response is imposed on the controlled rocking wall 
model using the equivalent static forces from the design procedure. The loads are 
magnified by an overstrength factor (Ω) to consider overstrength effects at a 
maximum state of response in rocking; the response of interest occurs when the wall 
is at the maximum expected non-linear displacement, Δnon-lin. Ω is determined by 
dividing Mcon when the roof drift is equal to θnon-lin (i.e. Δnon-lin divided by the wall 
height), by Mcon,design. These values are given in the pushover curve from the analysis 
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process, and are shown in Figure 3.22 (b). For the prototype model, θnon-lin is 0.83%, 
corresponding to Mcon of 450 kN·m, and Mcon,design is 250 kN·m; therefore, Ω is 1.80. 

(a) (b) 

Figure 3.22: (a) Dynamic model; (b) Overstrength factor determined from pushover curve 

Higher-mode effects are considered using a response spectrum analysis in which 
the response spectrum is truncated between the first and second mode period (Tn 
and T2, respectively), since the first mode response is accounted for with the static 
loading. Tn is determined in the design process, andT2 is determined by a modal 
analysis. For the prototype design, Tn and T2 are 1.80 s and 0.36 s, respectively. 

The magnified static response (r1) and the response spectrum analysis results (r2 
and r3) are combined according to Equation 3.27, in which r2 and r3 are combined 
using the square root of the sum of the squares (SRSS) combination method. 

௧௢௧௔௟ݎ ൌ ଵݎ ൅ ටݎଶ
ଶ ൅ ଷݎ

ଶ  Equation 3.27 

The response spectra for the prototype analysis are presented in Chapter 5, after 
the discussion of ground motion selection and scaling. However, the mean of the 
spectra presented in Chapter 5 is considered here, to determine the peak prototype 
shear force and bending moment demand for the purpose of capacity design in the 
controlled rocking CLT wall: the result of the dynamic method is a peak shear force 
demand of 335 kN, and a peak bending moment demand of 1,780 kN·m. The resulting 
envelope is shown in Figure 3.23. 
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Figure 3.23: Higher mode estimates 

3.4.2 Equivalent Static Force Procedure 
The equivalent static force (ESF) procedure uses a fixed base model of the 

controlled rocking wall, with ESF’s to account for the first three modes of vibration. 
The ESF model can be constructed in a commercial software engineering package. 
Unlike the model for the dynamic method, the ESF model does not require a 
modification of the boundary conditions. Furthermore, because the model does not 
capture uplift, it does not require springs for the PT elements. The model uses beam 
elements to represent the wall panel, including the shear and bending properties of 
the timber. The beams are fixed at the base of the wall, and rigid beams connect the 
beams to nodes where the PT is anchored at the roof level. Because no PT springs 
are used, and the ESF model does not capture uplift, the maximum PT loads 
expected in the system are manually imposed at the PT nodes, as determined 
through the rocking analysis procedure (Section 3.3). 

Similar to the dynamic method, the inverted triangular load distribution from 
the base connection design process (Section 3.2.3) is applied to the wall model and 
magnified by Ω to account for the first mode response. The higher mode forces are 
defined by Equation 3.28 and Equation 3.29, derived by Steele & Wiebe (2016) from 
modal contribution equations presented by Wiebe & Christopoulos (2015) which are 
described in the CBA (Section 3.4.3). Steele & Wiebe (2016) discretized the modal 

0 150 300 450 600
Shear (kN)

0

1

2

3

4

5

6
S

to
re

y

0 1000 2000 3000
Moment (kN.m)

Dynamic prediction
ESF prediction
CBA prediction



Master’s Thesis – M. Kovacs – McMaster University – Civil Engineering
 

68 

force contributions by integrating the modal contributions over each storey, and 
placing the load at the top of each storey. The result is an ESF at each storey, for 
each higher mode, described as a function of the acceleration response spectrum at 
the higher mode periods (Sa(T2) and Sa(T3)), the tributary seismic weight (Wtrib), the 
number of storeys (N), the mid-heights of each storey (hmid,i), where i is the storey 
number, and the total wall height (hw). 

ଶ,௜ܨ ൌ 0.569ܵ௔ሺ ଶܶሻ
௧ܹ௥௜௕

ܰ
sin ൬

4.49݄௠௜ௗ,௜
݄௪

൰  Equation 3.28 

ଷ,௜ܨ ൌ 0.229ܵ௔ሺ ଷܶሻ
௧ܹ௥௜௕

ܰ
sin ൬

7.73݄௠௜ௗ,௜
݄௪

൰  Equation 3.29 

The higher mode periods can be calculated by modal analysis of either a multi-
spring model (described in Chapter 4), a modified model like that used in the 
Dynamic Method (Section 3.4.1), or a fixed-base model. The multi-spring model is 
the most complex method, but is useful for non-linear time-history analyses as well. 
The dynamic method is relatively simple, whereas the fixed-base model is the 
simplest model. However, the fixed-base model does not account for the flexibility of 
the controlled rocking wall base, so a modification is needed for the modal analysis 
results. This phenomenon was investigated by Wiebe & Christopoulos (2015a), and 
non-dimensional modifiers were presented for the natural periods of flexural and 
shear beams; the modifiers are plotted for the spectrum of fixed to pinned base fixity 
in Figure 3.24. Assuming the controlled rocking heavy timber wall to be a flexural 
beam without rotational restraint at the base, the non-dimensional T2 and T3 
modifiers are 1.43 and 1.23, respectively; since no rotational restraint is assumed, 
these modifiers are an upper bound estimate. The modal analysis results of the fixed 
base model can be modified by these factors and applied to Equation 3.28 and 
Equation 3.29. In the prototype model, modal analysis results from the multi-spring 
model, described in Chapter 4, are used for following ESF calculations: T2 and T3 
are 0.38 s and 0.13 s, respectively. 
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Figure 3.24: Effect of base fixity on modal periods of a flexural beam, modified from (Lydell Wiebe et al., 

2015a) 

The higher mode ESF’s are added to the model to determine the higher mode 
responses; these are combined by the SRSS combination method, and added to the 
response due to the first mode force. The resulting shear and bending moment 
responses over the height of the wall represent the maximum system response due 
to rocking and higher mode effects. 

The response spectra for the prototype analyses are presented in Chapter 5, after 
the discussion of ground motion selection and scaling. However, as with the dynamic 
procedure, the mean of the spectra is used to determine the peak prototype shear 
force and bending moment demand: the result of the ESF procedure is a peak shear 
force demand of 315 kN, and a peak bending moment demand of 1,390 kN·m, as 
shown in the design envelopes in Figure 3.23. Note that Figure 3.23 shows a relatively 
large base connection moment, estimated by the ESF procedure. This is explained 
by the discretized forces by Steele & Wiebe (2016). The discretized forces are located 
at the top of each storey; therefore, the moment contribution for the first storey is 
lumped at the height of the first storey, resulting in non-zero base connection 
moment from higher mode effects. However, this finding does not affect the capacity 
design procedure, because the base connection moment can simply be taken as the 
overstrength base connection moment (r1), and because the higher modes increase 
the bending moment demand above the base, governing the design. 
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3.4.3 Cantilever Beam Analogy 
The cantilever beam analogy (CBA) determines the peak force demand on a 

controlled rocking system using closed-form equations that describe modal bending 
moment and shear force contributions at a height, z, on an analogous cantilever 
beam (Lydell Wiebe et al., 2015b). The closed-form equations are non-linear 
functions of Mcon,design, the total wall height (hw), and Sa(T2) and Sa(T3). T2 and T3 
were estimated using modal analysis of a multi-spring model, as discussed in Section 
3.4.2. The modal contribution equations are summarized in Equation 3.30-Equation 
3.35, including the overstrength factor Ω on the first mode response. After 
determining the modal contributions using these equations, the higher mode 
responses are combined with the SRSS combination method, the same as in the 
previous two procedures (see Equation 3.27). Considering the prototype design, the 
CBA estimates a peak shear demand of 310 kN and a peak bending moment demand 
of 1,510 kN·m. The resulting envelope is shown in Figure 3.23. 

ଵܸ,௠௔௫ ൌ
3
2
൬
Ω ௖௢௡,ௗ௘௦௜௚௡ܯ

݄௪
൰ ൤1 െ

ݖ
݄௪

ଶ
൨  Equation 3.30 

ଶܸ,௠௔௫ ൌ 0.1265	ܵ௔ሺ ଶܶሻ ൬
௧ܹ௥௜௕

݃
൰ อcos ൭4.49 ൬

ݖ
݄௪
൰൱ ൅ 0.217อ  

Equation 3.31 

ଷܸ,௠௔௫ ൌ 0.0297	ܵ௔ሺ ଷܶሻ ൬
௧ܹ௥௜௕

݃
൰ อcos ൭7.73 ൬

ݖ
݄௪
൰൱ െ 0.1283อ  Equation 3.32 
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݄௪
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ݖ
݄௪

ଷ
൨ Equation 3.33 

ଶ,௠௔௫ܯ ൌ 0.0282	ܵ௔ሺ ଶܶሻ ൬
௧ܹ௥௜௕

݃
൰ ݄௪ อsin ൭4.49 ൬

ݖ
݄௪
൰൱ ൅ 0.976

ݖ
݄௪
อ		  Equation 3.34 

ଷ,௠௔௫ܯ ൌ 0.00384	ܵ௔ሺ ଷܶሻ ൬
௧ܹ௥௜௕

݃
൰ ݄௪ อsin ൭7.73 ൬

ݖ
݄௪
൰൱ െ 0.991

ݖ
݄௪
อ		 Equation 3.35 

3.4.4 Strength Capacity of the Timber Panel 
The controlled rocking heavy timber wall bending capacity is defined as the 

effective bending strength (fb,eff) multiplied by the section modulus (S), and the shear 
capacity is defined as the effective shear strength (fv,eff) multiplied by the shear area 
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of the gross wall section (Av). Av, fb,eff, and fv,eff are defined in Table 3.2, for the 
prototype design; S is a function of the cross section geometry identified in Table 
3.2. The resulting shear force and bending moment capacities are 960 kN and 5,900 
kN∙m, respectively; these capacities are much larger than the peak demands 
estimated by the dynamic and ESF procedures, and the CBA. Considering the shear 
demand, the dynamic, ESF, and CBA estimations correspond to 35%, 33%, and 32% 
of capacity, respectively. Considering the bending moment demand, the dynamic, 
ESF, and CBA estimations are 30%, 24%, and 36% of capacity, respectively. 

Despite the apparent reserve capacity in the prototype controlled rocking wall, 
timber engineers are still investigating the bending and shear properties of CLT: the 
in-plane shear and bending strength and stiffness values used in the capacity 
calculation are specified by the manufacturer based on research with small-scale 
specimens, such as beams and lintels (Gagnon et al., 2014). The performance of larger 
scale specimens like the nine-layer, 2.44 m wall in the prototype design, requires 
additional research to verify the strength capacity. 

3.5 Summary of Design and Analysis 

A prototype controlled rocking CLT structure was proposed for the region of 
Ottawa, Canada, without supplemental energy dissipation. In the prototype design, 
twenty-four walls are used in each principle orientation, with CLT panels that are 
summarized in Table 3.2. Considering a seismic hazard with a 2% probability of 
exceedance in 50 years, the design results in a natural period of 1.80 seconds, 
corresponding with a seismic base shear of 17.5 kN and a design overturning moment 
of 250 kN∙m. The base overturning moment is resisted by a compression response in 
the CLT panel base, in addition to PT forces and the wall’s self-weight. To maintain 
an elastic system response to the overturning moment, an initial PT force of 83.5 kN 
is required in two PT elements, 26 mm in diameter. The elements are located 
symmetrically, 620 mm from the centerline of the wall, in order to minimize stress 
concentrations in the timber, mitigating long term periodic maintenance due to 
timber creep (see Figure 3.7).  
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In the event of a design-level seismic event, the peak roof drift of the resulting 
design is estimated to be 164 mm, or 0.83% roof drift, which is well below the 2.5% 
limit by the NBCC (NRCC, 2010). Given the low drift estimate, the wall’s response 
was analyzed up to only 2% drift in Section 3.3. At 2% drift, the neutral axis at the 
controlled rocking wall base is approximately 186 mm (7.6% of the wall length) from 
the extreme fiber of the rocking toe, resulting in maximum PT forces of 279 kN and 
146 kN respectively, where the maximum is 61% of the PT bar’s yield stress. This is 
notably less than the maximum forces in designs for higher seismic hazard regions, 
which can have initial PT forces of more than 200 kN per bar, and yield under the 
maximum considered earthquake scenario (Newcombe, 2011; Sarti, 2015). 
Furthermore, at 2% drift, the connection moment in the wall increases to 810 kN∙m, 
and the base shear to 57.3 kN. 

Finally, three higher mode estimation procedures were referenced from controlled 
rocking steel braced frame research, to estimate the influence of higher modes on the 
controlled rocking heavy timber wall. The procedures are referred to as the dynamic 
and equivalent static force (ESF) procedures, and the cantilever beam analogy 
(CBA). The shear force and bending moment demand estimates from the dynamic, 
ESF, and CBA procedures are 335 kN, 315 kN, and 310 kN and 1780 kN∙m, 
1390kN∙m, and 1510 kN∙m, respectively. The CLT panel’s shear force and bending 
moment strength capacities are, respectively, 960 kN and 5900 kN∙m, corresponding 
with shear demand ratios of 35%, 33%, and 32%, and bending moment demand ratios 
of 30%, 24%, and 36% of capacity for the dynamic, ESF, and CBA procedures, 
respectively. The results are shown in Figure 3.23, although the capacities are much 
larger than the bound shown in the plot. These results demonstrate consistent peak 
demand estimates by the three procedures which were originally presented for 
controlled rocking steel braced frames. Furthermore, the peak demand estimates are 
conservatively below the strength capacity of the controlled rocking wall. 
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 Numerical Modelling 

This chapter presents the numerical model development and validation for a 
controlled rocking CLT wall. The key features of the numerical model are outlined 
first, and are validated by modeling an experiment presented by Sarti (2015) and 
comparing the results. A variation of the model is also presented as a lower-bound 
of Sarti’s experimental data, considering physical effects that could affect the system 
parameters. After validation against the experimental data, the chapter focuses on 
the prototype controlled rocking CLT wall designed in Chapter 3: the numerical 
model is analyzed in a pushover process and the results are compared with the 
pushover plot presented at the end of Chapter 3. Finally, damping models for 
controlled rocking heavy timber walls are investigated, and a damping model is 
applied to the numerical model of the controlled rocking wall prototype. 

4.1 Numerical Model Development 

The controlled rocking heavy timber wall numerical model in this work is built 
in OpenSees (Mazzoni et al., 2006), referencing the numerical models presented by 
Ganey (2015) and Sarti (2015). Unlike these studies, the model presented in this 
thesis uniquely relies on the Winkler Spring Analogy (WSA) presented in Newcombe 
(2011, 2015) to capture the behaviour of the controlled rocking wall base connection 
as a series of springs providing vertical stiffness. The WSA model defines the base 
connection stiffness as a function of the wall material properties and the design and 
analysis outcomes, whereas the methods presented by Ganey (2015) and Sarti (2015) 
require calibration to experimental data which is unavailable for the CLT design 
outlined in Chapter 3. Further general advantages to the WSA are discussed in 
Section 2.3.3. 

The general wall model is outlined first, followed by a focus on the Winkler 
Spring base construction. This outline is generic to controlled rocking heavy timber 
walls. Subsequent sections present the material properties and dimensions to be 
applied to the model. 
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4.1.1 General Controlled Rocking Heavy Timber Model Construction 
The numerical model is composed of the controlled rocking heavy timber wall 

and a leaning column, through which P-Delta effects from the gravity system are 
imposed on the wall. The wall and leaning column are presented as two parts of the 
general model, in Figure 4.1. These two parts are composed of (a) elastic Timoshenko 
beam elements, (b) rigid elastic beam columns (rigid elements), (c) truss elements, 
and (d) elastic beam columns; this is in addition to the elements describing the base, 
discussed in Section 4.1.2. 

 
Figure 4.1: General numerical model, including node and element labels for reference 

Elastic Timoshenko beam elements describe the heavy timber panel between 
storeys. These elements have both shear and bending properties associated with their 
response, as well as axial stiffness. Elastic Timoshenko beam elements remain elastic, 
which is deemed reasonable based on the observations from past controlled rocking 
LVL and CLT research (Ganey, 2015; Sarti, 2015), and the capacity design (Section 
3.4) which suggested a capacity of three times the demand. 
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Spring base (Section 4.1.2). Elastic beam column elements are similar to elastic 
Timoshenko beam elements, but do not have shear deformations associated with 
them. Furthermore, these particular elements are assigned large bending and axial 
stiffness properties. 

Corotational truss elements are used to represent PT elements in the controlled 
rocking wall. The corotational truss element captures the changes in the system 
geometry which result in different force components as the PT element rotates. These 
elements are assigned the Steel02 material property in OpenSees, which captures 
yielding and plastic strain effects (Filippou et al., 1983). Steel02 also allows an initial 
stress value to be set, for post-tensioning the controlled rocking wall. 

The leaning column is composed of elastic beam column elements. This element 
is the same as type (b), and has axial and bending stiffness components. However, 
instead of large stiffness properties like the rigid elastic beam column elements, the 
assigned axial stiffness reflects that of the gravity system components (columns) on 
which the tributary seismic mass is supported; furthermore, the leaning column’s 
bending stiffness is negligible as the wall panel is assumed to be the only significant 
contributor to lateral force resistance. 

4.1.2 Winkler Spring Base Modeling 
The Winkler Spring base is shown in a minimized format in Figure 4.1, and 

expanded upon in Figure 4.2. This base is built with a finite number of spring 
elements: a larger quantity of fibers allows for a better representation of the stress 
and strain profile at the base, and an easier understanding of the neutral axis depth 
as the base rocks and uplifts, however the quantity of springs increases the 
computational time of the analysis procedure. An investigation is performed in 
Chapter 5, considering this parameter. Each Winkler Spring is connected at one end 
with a rigid beam column element, described in Section 4.1.1. These rigid elements 
are connected in series, and transfer forces from the wall elements through a node 
(n1) that is common to both Figure 4.1 and Figure 4.2. n1 is locked in its horizontal 
degree of freedom, acting as a rigid shear key at the base. 
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Figure 4.2: Winkler Spring base 

The Winkler Springs are defined by zero length elements in OpenSees, and the 
material behaviour of the element is defined by an elastic perfectly plastic gap 
material: springs do not have any stiffness in tension, and the compression stiffness 
is constant until yielding at the compression strength of the CLT. For the numerical 
model presented in this work, the approximate compression yield point is taken as 
the compression strength of the timber. However, there is a limited amount of 
research available on the axial compression behaviour of CLT; therefore, further 
timber research is recommended to understand how to model the true compressive 
behaviour at the base of the CLT rocking wall. The numerical model material 
behaviour is presented in Figure 4.3, including the damage captured by the elastic 
perfectly plastic gap material, resulting in residual strains over multiple cycles of 
rocking. 

  
Figure 4.3: Controlled rocking wall base material behaviour in compression 
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defined by a constant effective Winkler Spring length (Equation 3.13) where the 
neutral axis depth (c) is determined at a peak expected roof drift. 

ௐ௜௡௞௟௘௥ܭ ௌ௣௥௜௡௚ ൌ
௦௣௥௜௡௚ܣ௧௜௠௕௘௥ܧ

௘௙௙ܮ
 Equation 4.1

Where ܣ௦௣௥௜௡௚ ൌ
݈௪௔௟௟ݐ௪௔௟௟

ݎܾ݁݉ݑ݊ ݂݋ ݏ݃݊݅ݎ݌ݏ
 

4.2 Numerical Model Validation 

To validate the numerical model described in Section 4.1, the model is 
constructed and configured to match an experimental specimen tested in a previous 
study. As described in Section 4.1, all model parameters are chosen based on the 
reported physical test properties, with no empirical calibration. 

4.2.1 Comparing With Sarti’s (2015) Experimental Program  
The selected experimental program for validating the numerical model is a 

controlled rocking LVL experiment presented by Sarti (2015). The experimental wall 
configuration is summarized in Table 4.1 and Figure 4.4; these are the “baseline” 
properties. Sarti (2015) outlines a PT-only test, in which the initial PT force is 200 
kN (100 kN per PT element). High resolution plots are also available on which 
analytical and numerical model outputs can be overlaid. Notably, several of the wall 
configuration/material property values are inconsistently identified; these are noted 
in Table 4.1 and Figure 4.4, along with the selected values for model validation. 
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Table 4.1: Wall and Post‐Tension Details 

LVL Wall (Sarti, 2015)  Post‐Tensioning (Sarti, 2015)

Length, lw  1,570 mm  Bar Diameter  32 mm 

Height, hw
1  4,000 mm  Area, APT  804 mm2 

Depth, twall  190 mm  EPT  170 GPa 

Etimber (Et)  11,000 MPa  fy  830 MPa 

fc,parallel grain (fc,//)2  45 MPa  fult  1030 MPa 

Density (ρ)  5.1 kN/m3
  Lunbonded3  Height+1 m 

= 5 m Shear Modulus  550 GPa   

Shear Area 
(Av=2/3 Cross‐
section) 

198,870 mm2
     

1Actual panel height is 4100 mm: Drawing no. 1/11 (Sarti, 2015) 
2Sometimes identified as 38 MPa: p.160, p.308 (Sarti, 2015) 
3Extra meter of strained PT is unbonded below the wall and in 
the PT devices above the wall: p.309 (Sarti, 2015) 
4Point loads possibly located at 1895 mm and 3895 mm from 
base: Drawing no. 1/11 (Sarti, 2015) 

 
Figure 4.4: Sarti’s experimental 

wall specimen4 

Given the baseline configuration identified above, analysis is conducted 
according to the process outlined in Chapter 3 to estimate the wall response (i.e. 
neutral axis depth, base shear, connection moment and rotation) at both 1% (40 
mm) and 2% (80 mm) roof drift. The results of the analysis process are summarized 
in Table 4.2, referred to as the “analytical model”, and the data points are plotted 
in Figure 4.5. Next, the numerical model is tested in a quasi-static process, pushed 
to 2% drift (80 mm) at the top of the wall, as per Sarti’s experimental test. Therefore, 
the effective length (Leff) of the Winkler Spring is determined from the wall length 
and neutral axis depth (c) as per Equation 4.1, considering c when the wall is at 2% 
roof drift. The result is an Leff of 856 mm, and effective Winkler spring stiffness of 
3833 kN/m, divided by the number of base connection fibers in the model. The 
resulting quasi-static response data is presented in Figure 4.5, overlaid on Sarti’s 
experimental data.  
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Figure 4.5: Comparing numerical model and analytical results with experimental data from Sarti (2015)
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Table 4.2: Key analytical, numerical, and experimental data points 

  Analytical Numerical Experimental   

Result @ Wall Uplift 

Neutral Axis  
Depth (mm), c 

637mm  685mm  unknown 

Base Shear (kN), Vb  41  35  +25/‐40 1 

Connection Moment 
(kNm), Mcon 

118  105  +90/‐120 1 

Roof Displacement 
(mm) 

∼2  ∼2  ∼5 

Result @ 1% Roof Drift 

Neutral Axis  
Depth (mm), c 

204  211  250‐300 2,4

Connection  
Rotation (rad) 

0.0081  0.0088  unknown 

Base Shear (kN), Vb  120  110  80‐110 4

Connection Moment 
(kNm), Mcon 

340 3  367  330‐370 4

Result @ 2% Roof Drift 

Neutral Axis  
Depth (mm), c 

193  191  210‐230 2

Connection  
Rotation (rad) 

0.0165  0.0176  0.016‐0.017 

Base Shear (kN), Vb  215  191  150‐175

Connection Moment 
(kNm), Mcon 

620  636  520‐550 

1 Variance in rocking direction 
2 Overestimated due to experimental process; see discussion below 
3 Determined based on initial PT of 100 kN per bar. Used base connection moment calculation 
from Section 3.2.6 with initial PT, rather than to determine a PT for a target moment resistance.
4 Variance due to hysteresis in experimental data 

The overlaid plots in Figure 4.5, and the related key data points in Table 4.2 
have several similarities and differences which are discussed individually, below. Note 
that the following discussion suggests several physical factors that may not be 
captured by the baseline numerical model. The combination of these factors is 
considered in Section 4.2.2. 

c = dPT2

c < dPT2

c << dPT2
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Point of System Non‐linearity: Rocking Load 

For the purpose of this analysis, the wall uplift point (defining the rocking load) 
in the experimental and numerical data is an approximation of the largest value 
before the response curve becomes non-linear. Given this definition, the rocking load 
determined from the analysis process (analytical model) slightly overestimates the 
numerical model, due to the non-linearity of the numerical model response (41 kN 
and 35 kN of base shear, respectively; also, 118 kN∙m and 105 kN∙m base connection 
moment, respectively). However, the rocking load in the experimental specimen 
demonstrates a degree of variability, as seen in the base shear and connection 
moment plots where the system response becomes non-linear. In the negative rocking 
direction, the rocking load of the experimental specimen appears to closely match 
the analytical and numerical models; but it underestimates that load in the positive 
direction by as much as 25%. This discrepancy may be exaggerated by some minor 
unspecified asymmetry in Sarti’s specimen, since the wall response presents an 
apparent intermediate stiffness, between the initial and rocking stiffness, for a small 
portion of its positive roof displacement/connection rotation response; this 
asymmetric intermediate stiffness response is not present in Sarti’s other tests (Sarti, 
2015). 

Post‐Uplift Stiffness 

The post-uplift stiffness is reflected in the slope of the base shear and connection 
moment plots of Figure 4.5. Post-uplift stiffness is similar in all three cases 
(analytical, numerical and experimental), although a growing discrepancy can be 
seen at larger drifts (more than 1.5% roof drift). The phenomenon is also identified 
by Sarti, and can be attributed to the development of a softening response related 
to the wall where the PT elements are anchored: concentrated PT forces locally 
compress the experimental wall specimen, causing a deformation at the top of the 
wall which reduced the PT forces and the lateral response (Sarti et al., 2015c). This 
reduction effect is not accounted for in the analytical or numerical models, and in 
fact it is an objective of the design process (Chapter 3) to minimize this effect 
through an alternate, widely-spaced PT configuration and relatively large force 
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reduction factor. Physical testing is needed to provide further insight on this post-
uplift stiffness discrepancy for the design proposed in this thesis. 

Sarti (2015) also suggests that repeated cyclic testing softened (damaged) the 
rocking toes of the wall panel. It is expected that this softening affects the connection 
response by reducing the rigidity of the base corners, and consequently, reducing the 
post-uplift rocking stiffness.  

For a better understanding of the effect of a damaged rocking toe, the material 
stiffness was reduced for several rocking toe fibers in the numerical model. The 
reduction is summarized as a 70% axial stiffness reduction within 80 mm of the edge 
of the wall (i.e. 40% of the neutral axis depth expected at 2% drift, for which the 
Winkler spring effective length is defined in the numerical model). The resulting 
quasi-static test data is presented in Figure 4.6. By reducing the stiffness to simulate 
a rocking toe with some minor damage, the post-uplift stiffness was reduced. The 
reduction in post-uplift stiffness, shown in Figure 4.6, helps to address the numerical 
model’s overestimation of the base shear and connection moment at peak roof drift. 

 
Figure 4.6: The effect of a damaged rocking toe on the connection and system response 

Post‐Tensioning Forces 

Figure 4.5 shows that the general PT response in the numerical model matches 
that of the experimental model, although the peak PT forces are larger in the former 
due to the larger connection rotation (discussed in the next subsection). 
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Furthermore, a hysteresis is observed in the experimental response, reducing the PT 
force with subsequent cycles (the numerical model was only subjected to a single 
cycle, since none of the elements behaved inelastically). This PT force reduction 
through hysteresis can be attributed to the plastic timber strains observed in the 
experimental program: plastic deformations were observed under the top-of-wall PT 
anchorage due to concentrated PT stresses, so PT losses of as much as 25% are 
observed in the experimental test (Sarti et al., 2015c). Neither the analytical nor the 
baseline numerical model currently capture these PT losses due to compression 
deformations at the top of the wall. Therefore, to capture this effect, the PT material 
is redefined to include losses due to timber panel deformations. The modified system 
seeks to capture some hysteresis due to timber crushing below the top-of-wall PT 
anchorage. The result of this modification is evident in the PT force-deformation 
relation presented in Figure 4.7 and the modified PT material specifications are 
included in Table 4.3. 

Figure 4.7: PT (a) hysteresis, and (b) response to large strain, for baseline and modified PT elements 
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Table 4.3: Numerical model PT specifications

  OpenSees Steel02 Material 

Property  Baseline  Lower‐bound 

E (GPa)  170  170 

Fy (MPa)   830  830 

Strain Hardening Ratio, b  0.09  0.05 

R0  10  4.5 

CR1  0.925  0.925 

CR2  0.15  0.15 

a1  0  0 

a2  1  1 

a3  0  0 

a4  1  1 

Considering the response of the whole system: the numerical model was 
evaluated with the modified PT properties and a reduced initial PT force (30% 
reduction) under the quasi-static test sequence presented in (Sarti, 2015) (see Figure 
4.8). The system response is overlaid on the experimental and numerical model 
response under the full 200 kN (100 kN/element) initial PT load, in Figure 4.9. The 
reduced PT force contributes to a better match with the experimental data at peak 
drift, lowering the peak base shear and connection moment. Furthermore, the 
modified PT properties result in some minor hysteresis, reflecting the experimental 
response. 

Figure 4.8: Displacement protocol applied to evaluate lower‐bound numerical model 
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Figure 4.9: Effects of a reduced initial PT force on the connection and system response 

Recall that an objective of the design process for this thesis (Chapter 3) is to 
minimize the potential for PT loss by specifying a widely-spaced PT configuration 
that minimizes concentrated PT stresses, and considering design for low-to-moderate 
seismic hazard regions. Physical testing of this proposed configuration is needed to 
provide insight on the potential for PT losses under this proposed design 
configuration, since the PT calibration above is only considering the PT forces in 
Sarti’s experimental system. 
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4.5. This drift is a combination of rigid body rotation and elastic flexibility of the 
panels, as discussed in Section 3.3.1. Despite equal roof drifts, different connection 
rotations are observed in the numerical and experimental cases at 2% drift (see Table 
4.4), suggesting that the numerical model is elastically stiffer than the experimental 
specimen by as much as 38%. 

Table 4.4: Roof drift contributions, as read from Figure 4.5 

  At 2% Roof Drift 

  Numerical Model  Experimental Model 

Connection Rotation Contribution  ∼1.75%  ∼1.6‐1.7% 
Elastic Drift Contribution  ∼0.25%  ∼0.3‐0.4% 
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Sarti’s (2015) numerical model (not shown) similarly underestimated the elastic 
drift of the controlled rocking wall. Sarti suggested that the experimental wall’s 
apparent flexibility may be attributed to some minor lateral timber compression at 
the rocking toe shear key, as the test progressed. Such a lateral compression would 
result in the lateral translation of the system, reducing the slope of the base shear 
versus roof displacement plots (seen in Figure 4.5). Furthermore, this minor lateral 
motion would not be recorded as a connection rotation, ultimately suggesting some 
additional elastic flexibility in the quasi-static test. These concepts are depicted in 
Figure 4.10. 

 
Figure 4.10: Lateral compression at the rocking toe shear key 

Another possible explanation may be that the bending and/or shear stiffness of 
the experimental specimen was overestimated in the numerical model. Because Sarti 
combined smaller LVL panels to create the wall specimen, the possibility is 
introduced for the system to have reduced shear and bending stiffness parameters 
due to the shear transfer in the built-up section, without affecting the compression 
stiffness at the wall base. Therefore, a variation of the numerical model with a 
reduced wall bending stiffness was tested to investigate this proposal; the results are 
presented in Figure 4.11. In this numerical test, the bending stiffness of the controlled 
rocking wall was halved while the compression stiffness of the base was maintained. 
The result of this was an approximately 25% increase in elastic drift contribution at 
peak drift, resulting in a closer match with the elastic and connection moment 
contributions to roof drift observed in the experimental test data. An additional 
reduction in the shear stiffness (by 50%) also resulted in a minor elastic drift increase, 
although the effect is too small to show here. The system’s apparent sensitivity to 
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these bending and shear stiffness terms suggests that the bending and compression 
stiffness of a CLT panel should be investigated further. Furthermore, this factor can 
have a significant effect on the dynamic properties of the wall panel, since the natural 
frequency of the wall would be reduced; this adds further significance to investigating 
the bending stiffness of these heavy timber panels. 

 

Figure 4.11: Wall response to reduced wall lateral stiffness, while maintaining the connection stiffness

Finally, the analysis process converged on a connection rotation value of 0.0165 
radians at peak drift, whereas the numerical model experienced 0.0175 radians of 
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scale of Sarti’s experimental setup. The analytical model assumes the PT is anchored 
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calculation, as shown in Figure 4.12 (a). In contrast, the numerical model matches 
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height) into the foundation, as shown in Figure 4.12 (b); the length within the 
foundation is free to rotate as the wall rocks, as shown in Figure 4.13 (a). It will be 
shown in the pushover discussion for the prototype model of a full-scale design 
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numerical model outputs. The implication of this suggestion is that the anchorage 
conditions of the PT within the foundation, and the depth of embedment in the 
foundation, may be significant factors in design and analysis. The geometry of the 
small-scale experimental setup is relatively simple to capture in the numerical model; 
however, the small-scale geometry and the rotational restraint condition of the PT 
length within the foundation, may not be applicable to a full-scale wall; for example, 
the PT embedded in the foundation may be restrained as shown in Figure 4.13 (b). 
Therefore, Sarti’s PT conditions are not incorporated in the analytical model. 

(a)  (b) (c)
Figure 4.12: Analytical and numerical model scale discrepancies 

(a)  (b)  
Figure 4.13: PT anchorage conditions of concern for small‐scale testing 

Neutral Axis Depth 

The analysis process and numerical model both converged on the same neutral 
axis depth, within 1% of each other, at peak roof drift. However, the experimental 
results demonstrate a larger neutral axis depth, by as much as 20%. This neutral 
axis depth discrepancy was identified by Newcombe (2015) as a consequence of the 
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experimental and numerical results. The particular issue that Newcombe identified 
was with the assumption of a linear base profile of the wall specimen, when in fact 
the base exhibits some curvature, especially at larger degrees of uplift, as depicted 
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in Figure 4.14. Researchers, including Sarti (2015), often assume a linear function to 
determine the neutral axis depth from their potentiometer readings, but in fact the 
most uplifted potentiometers (A and B in Figure 4.14) will cause that interpolation 
to overestimate the actual neutral axis depth. The effect is especially evident in the 
graph included in Figure 4.14, showing a plot of the wall base uplift deformation 
versus the linear approximation. 

Figure 4.14: Experimental instrumentation leads to neutral axis overestimation 

The wall base curvature is not captured in the numerical model, and 
interpolation is also relied upon to determine the neutral axis depth; however, the 
base connection is modelled with many more fibers (approximately one every ten 
millimeters), which act like the potentiometers in the experimental test. By observing 
the strain in these fibers in the compressed toe, the numerical model outputs a better 
resolution of the wall base compression forces. 

4.2.2 Application of Model Validation Conclusions 
The similarities and differences explored above help to determine which physical 

behaviours or attributes might have influenced the experimental test, and how these 
factors can be considered by the numerical model. This exploration concluded that 
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2. Lateral and vertical rocking toe compression / damage 
a. Due to lateral compression / translation against the shear key; 
b. Due to vertical crushing / plastic strains in rocking 

3. Dissimilar bending and base compression stiffness terms 

Items 1, 2 (b) and 3 were discussed independently in the numerical model in 
Section 4.2.1, while item 2(a) was discussed but not included in the model because 
of the complexity of doing so. It is expected that several of these physical behaviours 
occur simultaneously in the experimental model. 

The significant physical factors presented above are now considered in the 
numerical model, acting together to affect the controlled rocking wall response. 
However, these modifications are not necessarily as substantial as those presented 
above, since partial combinations resulted in an acceptable lower bound to the 
observed behaviour. The modified system has a 30% bending stiffness reduction (to 
7,700 MPa), and 36% shear stiffness reduction (to 350 MPa), motivated by the 
discussion in Section 4.2.1. A damaged rocking toe is modeled by assigning a 40% 
compression stiffness reduction to the base fibers within 200 mm of the rocking edges. 
Finally, the PT material modifications presented in Table 4.3 are applied to the wall 
to develop hysteretic behaviour reflective of some top-of-wall crushing beneath the 
PT anchorage; the initial PT force is also reduced by 25%. The combined 
modifications are summarized in Table 4.5. 

Table 4.5: Lower‐bound system modifications 

Property  Modifier  Resulting System Properties 

Ebending  ‐30%  7,700 MPa (elastic Timoshenko beams) 

Ecompress 

(Base Connection) 

100% 

‐40% 

11,000 MPa except 

6,600 MPa within 20 cm of rocking edges 

TPT,init  ‐25%  75 kN/PT element 

Gtimber  ‐36%  350 MPa 

PT Material  OpenSees parameters modified to account for timber crushing 
under PT anchorage (see Table 4.3) 

The resulting system is tested according to the quasi-static displacement protocol 
defined by Sarti (see Figure 4.8), and the modified system response is compared with 
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Sarti’s experimental data in Figure 4.15; the modified system represents a lower 
bound response to Sarti’s experimental data. Recall that this lower bound model is 
expected to be a conservative estimate of the controlled rocking CLT response, given 
the design process presented in Chapter 3: as discussed in Section 4.2.1, many effects 
mimicked by the lower bound model are mitigated by the design process and 
recommended configuration for low-to-moderate seismic hazard regions.  

Figure 4.15: Combined system modifiers, compared to Sarti's experimental data 

Overall, the numerical model presented in Section 4.1 is able to capture the 
important features of a controlled rocking heavy timber wall response, as per 
comparison in Section 4.2.1 with experimental results published by Sarti (2015). This 
confirms the ability of the WSA to represent a controlled rocking heavy timber wall 
using specified material property and wall configuration values, with a minimal 
degree of calibration to consider practical material and wall panel conditions. It is 
likely that any required calibration presented in Section 4.2.2 could be reduced or 
eliminated through material research and careful design decisions which reduce 
timber damage effects due to PT. 
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prototype designed and analyzed in Chapter 3. The resulting numerical model was 
tested in a modal analysis, which confirmed the first mode period of 1.80 s used in 
the design process. Furthermore, a static pushover procedure is conducted and 
investigated herein, to compare with design and analysis results from Chapter 3. 
Recall that Chapter 3 concluded with a unidirectional pushover curve, including key 
responses from the design and analysis process. 

4.3.1 Preparing the Numerical Model and Lateral Pushover Procedure 
The prototype material properties and wall configuration are identified in the 

design phase of Chapter 3. In the prototype, PT is anchored at the base of the wall, 
rather than deep in the foundation as it was for the validation process in Section 4.2. 
As in Section 4.2.1, the numerical model’s base connection stiffness is a function of 
the neutral axis depth (186 mm) at 2% roof drift; therefore, the Winkler spring 
length is 1454 mm, as per Equation 4.1. The base connection stiffness is assigned to 
the Winkler spring elements, and a lateral static pushover test is applied out to 2% 
(396 mm) roof drift. Note that this is less than the 2.5% roof drift allowance for 
normal importance buildings according to the Canadian building code (NRCC, 
2010). 2% pushover is deemed acceptable since the expected peak drift, as per the 
design and analysis stage of Chapter 3, is only 0.83% (Chapter 3). The force 
distribution is proportional to that used in the design stages of Chapter 3, which was 
essentially an inverted triangular distribution.  

4.3.2 Pushover Results 
The results of the pushover process are presented in Figure 4.16, overlaid on the 

analytical pushover curves which were first presented at the end of Chapter 3. With 
respect to the system response parameters (base shear and connection moment), the 
two models match very well, with only a slight (less than 5%) overestimation of the 
rocking load, by the analytical model relative to the numerical model. This 
discrepancy is due to the analytical model’s simplification of the base response at the 
rocking load: the rocking event was assumed to occur at a definite point in the wall’s 
pushover response, when the neutral axis reached the second PT element. 
Practically, the system does not have a discrete point where it transitions from its 
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initial to post-uplift stiffness. However, this transition occurs quickly, so only a minor 
discrepancy is seen around the system yielding point.  

Another significant similarity is the base connection rotation at a given base 
moment: both the analytical and numerical models have matching connection 
rotation terms throughout the uplifted response. This is in contrast to the analytical 
and numerical model of Sarti’s experimental setup in Section 4.2. In that case, the 
analytical model did not capture the exact geometry of the numerical model or Sarti’s 
experimental model, resulting in the discrepancy. In this case, the numerical model 
positions the base PT connection at the bottom of the wall, rather than deep in the 
foundation, resulting in matching system geometries. For a full-scale (mid-rise) 
controlled rocking wall design, this geometry may be more applicable, as long as the 
PT is not embedded within the foundation at a significant depth compared to the 
total height of the wall. 

Figure 4.16: Comparing analytical and numerical model pushover results for Ottawa prototype 

One final interesting behaviour noted in these pushover plots is the upward 
concavity (second-order stiffening) of the response parameters in the uplifted range 
of response. This second-order stiffening is due to the increasing lateral contribution 
to the wall response, by the PT element, as the wall rotates. 
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4.4 Inherent Controlled Rocking System Damping 

The final numerical model development step is the incorporation of inherent 
damping. Inherent damping is important to the following chapter (Chapter 5), 
because it relates to the numerical model response under dynamic motions. Some 
background to controlled rocking system damping is presented below, and the final 
numerical model implementation is provided thereafter. 

4.4.1 Inherent Damping Background 
Based on previous controlled rocking heavy timber research, there are two main 

controlled rocking damping contributions to consider: Rayleigh damping of the 
superstructure, and impact damping of the rocking joint (Marriott, 2009; Sarti, 
2015). 

Rayleigh Damping 

The Rayleigh damping model is commonly used in non-linear time-history 
analyses (Chopra & McKenna, 2015). This model incorporates a damping matrix 
(expressed as in Equation 4.2) in the numerical model’s system of equations; its 
implementation typically involves determining eigenvalues for at least two modes of 
the system, and specifying damping ratios for each mode, as per Equation 4.3. 
Chopra (2007) suggests that selecting the same ζ for both modes is reasonable, based 
on experimental data, meaning Equation 4.3 can be solved and simplified for a0 and 
a1 as per Equations 4.4 and 4.5. 

ࢉ ൌ ܽ଴࢓ ൅ ܽଵ࢑ Equation 4.2 

Where m and k are the system mass and stiffness matrices, respectively 

1
2
൤
1/߱௜ ߱௜
1/ ௝߱ ௝߱

൨ ቄ
ܽ଴
ܽଵ
ቅ ൌ ൜

ζ௜
௝ߞ
ൠ  Equation 4.3 

Solution for a0 and 
a1: 

ܽ଴ ൌ ߞ
2߱௜ ௝߱

߱௜ ൅ ௝߱

and ܽଵ ൌ ߞ
2

߱௜ ൅ ௝߱
 Equations 4.4 and 4.5 

Rayleigh damping has several variations, including initial stiffness-proportional 
and tangent stiffness proportional damping, referring to the stiffness matrix in 
Equation 4.2. Stiffness-proportional damping can induce large damping forces, 
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especially when a numerical model begins yielding (Charney, 2008; Chopra et al., 
2015); this is a significant concern in the controlled rocking system response. 
Alternatively, the tangent stiffness proportional stiffness damping model is 
recommended as a solution (Chopra et al., 2015). Although tangent stiffness damping 
has several criticisms of its own, as per Chopra & McKenna (2015), the tangent 
stiffness model results in improved responses and presents a conservative response. 

Impact Damping 

Impact damping was explored in-depth by Marriott (2009), but is generally 
ignored when supplemental energy dissipation elements are provided in a system 
because hysteretic damping will overcome impact damping to govern the response. 
However, Marriott concluded that lightly damped controlled rocking wall systems 
can be sensitive to the small impact damping contribution. Marriott considered both 
rigid (precast concrete) and heavy timber walls in his research. In a controlled 
rocking heavy timber wall without supplemental energy dissipation, Marriott’s 
conclusion is especially relevant, and presents an opportunity for further research 
regarding impact damping. 

4.4.2 Damping Implementation 
Given the discussion regarding Rayleigh and impact damping in Section 4.4.1, 

only tangent-stiffness proportional Rayleigh damping is applied to the numerical 
model. If impact damping is in fact a significant factor in the controlled rocking 
heavy timber response, then this decision results in a conservative numerical model 
response, and future research regarding the impact damping mechanism will result 
in reduced system responses. 

To implement Rayleigh damping in the numerical model, critical damping of 5% 
(ζ=5%) is assumed and applied to the first and third modes. This resulted in the 
coefficients for Equation 4.2, which were applied to the Rayleigh damping term in 
OpenSees. At each step of the numerical model response analysis, the system stiffness 
matrix and the two coefficients are re-determined and applied to the Rayleigh 
damping term. Discussion on the effect of the damping term, and sensitivity of the 
model’s response to damping, are included in Chapter 5. 
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 Numerical Model Analysis 

This chapter presents the results of non-linear time history analysis (NLTHA) 
of the prototype controlled rocking CLT wall that is outlined in the previous 
chapters. First, the selection and scaling of a ground motion suite to the uniform 
hazard spectrum for Ottawa, Ontario is presented, including twelve ground motions. 
Next, the model is investigated for sensitivity to various parameters using a subset 
of the ground motion suite. Finally, the full scaled ground motion suite is used in 
the NLTHA of the prototype model and its lower-bound variation (presented in 
Section 4.3): the model’s overall performance is evaluated and the behaviour of the 
Winkler springs and PT elements are investigated individually.  

5.1 NLTHA Introduction & Preparation 

The NLTHA procedure applies acceleration time-histories to the numerical 
model, simulating earthquake ground motions on the structure, in order to 
investigate the response to a seismic hazard represented by the time-history (ground 
motion) record. In the analysis procedure, the model’s element and material 
properties capture dynamic and non-linear behaviour, including P-Delta effects, 
damping, and non-linear material responses; capturing these effects in a NLTHA is 
computationally demanding, but it allows engineers to investigate both the system 
and element behaviour in a building subjected to dynamic loading. However, given 
the complexity of the model and material properties being studied, it is important 
to ensure that the time history records input to the model are reflective of the seismic 
hazard for the region of interest, so that the conclusions drawn from the modeling 
response are relevant to the regional hazard. Furthermore, it is important to 
understand the model’s sensitivity to several analysis parameters, to be confident in 
the conclusions drawn from a full investigation. For this reason, ground motion 
selection and scaling is presented first, followed by an investigation of several analysis 
parameters, before investigating the model’s response to the full ground motion suite. 
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5.1.1 Ground Motion Selection and Scaling 
The following NLTHA reflects Canadian seismic hazards by scaling a suite of 

acceleration time-history records to the NBCC response spectrum for Ottawa, 
representing a 2% chance of exceedance in fifty years (NRCC, 2010). The time-
history records selected for the NLTHA are synthetic motions, developed by 
Atkinson (2009), representing Eastern Canadian seismic hazards. The synthetic 
motions were developed due to a lack of high quality records of historical seismic 
events in Eastern Canada, especially considering the variety of site conditions 
associated with the region’s ground motions (i.e. near and far sources, different event 
magnitudes, and different soil conditions). By considering Eastern Canadian seismic 
sources and site conditions, Atkinson (2009) reproduced waveforms in the synthetic 
motions to reflect expected natural seismic events in the region.  

For the NLTHA analysis presented in this chapter, both magnitude six and 
seven events from near and far sources are considered at a site with soil Class C (as 
per the prototype building design). The event names are referred to in the following 
discussion and figures as follows: “M#m.near_Rec#R” and “M#m.far_Rec#R” where 
#m is the magnitude, “near” or “far” refers the to source distance and #R is the 
record number, from Atkinson’s records. For example, M6.near_Rec01 refers to a 
near-source record of magnitude six, labelled record “01” in Atkinson’s record set. 

Selection and scaling of the ground motions relies on a method outlined by 
Atkinson et al. (2015). First, twelve records are selected from the record sets outlined 
by Atkinson (2009), including three each from both near and far M6 and M7 events. 
Next, acceleration and displacement response spectra are plotted for the records, 
including the mean spectra for each of the four record sets (sets identified by 
magnitude and distance), and the NBCC design spectrum. The individual record 
spectra are defined as Sg(T), whereas the NBCC design (target) spectrum is defined 
as ST(T). From the unscaled records, two period ranges of interest are identifiable 
from the dominance of the mean spectra: M7 near and far record sets dominate in 
the long period range (beyond one second) while the M6 near and far record sets 
dominate below this period range; this characterization of seismic hazard is consistent 
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with the discussion in Atkinson (2009) regarding Eastern Canadian seismic hazard. 
Given this characterization, M6 events are selected for scaling over a range of 0.2T1 
to T1, and M7 events are scaled over a range of T1 to 2.0T1, where T1 (1.80 s) is the 
natural period of the structure. Over these scaling ranges, a scaling multiplier (SM) 
is calculated for each record, as per Equation 5.1 (Dehghani & Tremblay, 2016). The 
individual spectra are scaled by SM, resulting in new mean spectra for the four record 
sets. These new mean spectra cannot be more than 10% below the target spectrum 
over the range of interest (Atkinson et al., 2015), so the differences between the new 
mean spectra and the target spectrum are calculated and a second scaling multiplier 
(SM2,mean) is determined for those sets where the mean spectrum is more than 10% 
below the target spectrum; SM2,mean is determined at the period where the maximum 
difference (max Δ) is calculated, as per Equation 5.2. The scaling multipliers for 
each record set are summarized in Table 5.1, and the scaled acceleration and 
displacement response spectra are included in Figure 5.1 (a) and (b), respectively. 
Note that the scaled spectra are significantly larger than the design spectrum in the 
short period range due to the natural period of interest and the scaling range. 

ܵெ ൌ෍ ቆ
்ܵሺ ௜ܶሻ

௚ܵሺ ௜ܶሻ
ቇ

௨௣௣௘௥
௕௢௨௡ௗ

௜ୀ ௟௢௪௘௥
௕௢௨௡ௗ

/݊௜  Equation 5.1

ܵெଶ,௠௘௔௡ ൌ ቈ
90% ∙ ்ܵሺ ௜ܶሻ

௚ܵሺ ௜ܶሻ
቉
௠௔௫ ∆

 Equation 5.2

Where ݊௜ ൌnumber of spectra values over the range, and 
ܵெଶ,௠௘௔௡is calculated where the difference between the mean and 
target spectra exceeds -10% 
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Table 5.1: Scaling multipliers for each ground motion set 

  M6.near  M6.far  M7.near  M7.far 

Record Number:  1  4  7  4  10  22  16  37  40  7  13  19 

Initial Scaling (SM)  0.601  0.775 0.631 3.12 1.59 3.48 0.793 0.731 0.824  1.50  3.22 2.64

SM2,mean  x 1.39  x 1.23  x 1.02  x 1.06 

Resultant 

Multiplier 
0.832  1.07 0.877 3.84 1.96 4.28 0.809 0.746 0.841  1.59  3.41 2.80

 

(a) 

(b) 

Figure 5.1: Scaled (a) acceleration and (b) displacement response spectra 
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5.2 Analysis Parameter Sensitivity 

Four of the twelve scaled ground motions, including one each from M6 and M7, 
near and far events, are used to investigate the numerical model’s sensitivity to 
several analysis parameter settings. First, the analysis time step is studied to ensure 
that the system behaviour is accurately captured. Next, the number of Winkler 
Springs in the base connection is investigated to understand the model’s sensitivity 
to the discretization of the base connection interface. Finally, the model’s sensitivity 
to the damping ratio is investigated to evaluate the variability in the system’s 
response due to this assumed modeling parameter. 

Analysis Time Step 

Figure 5.2 and Figure 5.3 show the peak roof drift and floor acceleration 
responses, respectively, recorded in the four scaled ground motions, considering seven 
analysis time step parameters ranging from 0.01 s to 0.0001 s. The results show a 
consistent peak roof drift and peak floor acceleration response for the time steps 
between 0.0001 s and 0.002 s. For larger time steps, the peak responses diverge. In 
controlled rocking systems, convergence of the peak accelerations often requires the 
shortest time step (L. Wiebe, 2009); and at smaller time steps, the analysis takes 
proportionally longer, and produces more data (e.g. halving the time step doubles 
the analysis time and output data). Therefore, a 0.002 s time step is used for the 
NLTHA in Section 5.3. 
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Figure 5.2: Analysis time step sensitivity to peak roof displacement in (a) baseline, and (b) lower‐bound 
model 

Figure 5.3: Analysis time step sensitivity to peak floor acceleration in (a) baseline, and (b) lower‐bound 
model 
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Number of Winkler Springs 

The number of Winkler springs was varied in a sensitivity investigation related 
to the base connection model. The results are presented in terms of the percentage 
of the wall that is represented by a single Winkler spring. The prototype model was 
tested considering ratios of 0.54% (186 springs over 2440 mm) to 6.25% (sixteen 
springs over 2440 mm). The analysis times were almost directly proportional to the 
number of springs: the longest analysis required fifteen minutes, whereas the shortest 
analysis required just 80 seconds.  

Roof drift time history results are presented in Figure 5.4, demonstrating the 
similarity in the roof drift response for the baseline and lower-bound models. The 
peak roof drift in every case is within 1% of the largest response; the largest response 
occurs in the model with the largest number of springs. The only significant variation 
seen in this data is after several cycles of rocking, in which the roof drift is slightly 
out of phase in the case with the fewest springs; however, the response from the 
higher resolution of springs clearly converges, as seen by the overlap of the time-
history records. For the analyses, an intermediate quantity of 122 springs was used, 
such that each spring represents 0.82% of the wall length. Although these results 
suggest a lower number of springs could be used, 122 springs are used in the NLTHA 
presented in Section 5.3, as a compromise between computation time and the 
resolution of recorded information at the base connection. 
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Figure 5.4: (a) Baseline model, and (b) lower‐bound model time‐history records investigating roof drift 
sensitivity to quantity of Winkler springs in the base connection 
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case. In Figure 5.6, the largest responses of the lower-bound model (relative to the 
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5% damped case) are from the lowest damping response of 2%. The largest difference 
is a 50% larger storey shear response when the damping is only 2%; however, there 
are several other response parameters that are equal to or less than 45% larger than 
the 5% damped case. 

Figure 5.5: Sensitivity of response parameters in the baseline model, to the critical damping ratio 
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Figure 5.6: Sensitivity of response parameters in the lower‐bound model, to the critical damping ratio 

5.3 NLTHA Results 

The following sections investigate the response of the prototype six-storey 
controlled rocking heavy timber wall subjected to the moderate seismic hazard of 
Ottawa, Ontario. System response parameters include storey drift, interstorey drift, 
shear force and bending moments over the height of the wall, and storey 
accelerations, to investigate the general performance of the system. Other response 
parameters include the hysteresis of the Winkler springs at the rocking toes, and the 
post-tensioning element hysteresis, to investigate the performance of these individual 
components of the system. 

0

3

6
In

te
rs

to
re

y 
D

rif
t

St
or

ey

0

3

6

Fl
oo

r A
cc

el
.

St
or

ey

0

3

6

St
or

ey
 S

he
ar

St
or

ey

0.5 1 1.5
0

3

6

St
or

ey
 M

om
en

t
St

or
ey

0.5 1 1.5 0.5 1 1.5 0.5 1 1.5

Multiple of Response from ζ=5%

M6.near_Rec1 M6.far_Rec4 M7.near_Rec16 M7.far_Rec7

ζ=5.5%
ζ=4.5%

ζ=6%

ζ=2%

ζ=4%
ζ=3%



Master’s Thesis – M. Kovacs – McMaster University – Civil Engineering
 

106 

5.3.1 Storey Displacements 
Figure 5.7 shows the peak storey displacements from the full suite of ground 

motions for the baseline model, overlapped with those for the lower-bound model. 
Both the baseline and lower-bound responses from the individual records are similar, 
as shown by the similarly-shaped dotted lines near the baseline model responses. The 
plots also include the mean response from the ground motion suite, and the non-
linear displacement estimate determined from the design process (Chapter 3). The 
results show that the mean baseline and lower-bound responses match closely; 
however, the non-linear displacement estimate of 0.83% overestimates the mean roof 
drift (0.65%) from both models. This overestimation is likely because the design 
equation from Zhang (2015) was conservative for the case when β=0. Furthermore, 
the design equations from Zhang (2015) were calibrated using relatively low-
frequency ground motions from California, as opposed to Eastern North American 
ground motions with relatively less low-frequency content. This theory is supported 
by the comparing the responses from the Eastern Canada M6 and M7 events in 
Figure 5.7: M6 events, with less low-frequency content (see Figure 5.1) did not have 
as large displacements compared to the relatively low-frequency M7 events. However, 
the system response to the M6 events demonstrates a larger degree of non-linearity 
above the mid-height. This non-linearity in the displacement profile suggests that 
the higher mode response of the system is more significant for these records, as 
investigated further in subsequent sections. 
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Figure 5.7: Peak storey drifts for the baseline and lower‐bound prototypes 

5.3.2 Interstorey Drift 
Figure 5.8 shows the peak interstorey drift responses from the full ground motion 

suite, including the mean responses for the baseline and lower-bound models. 
Considering the baseline model responses, the non-uniformity of the interstorey drifts 
over the wall height for each ground motion record provides further evidence of the 
system’s higher-mode response. Non-uniformity is especially evident in the M6 
events, whereas the M7 events are more uniform but exhibit larger interstorey drifts. 
This observation is consistent with the discussion presented previously: the high-
frequency content of the M6 events excites the higher modes, while the M7 events 
dominate in the long-period range that drives the displacement response. 

The lower-bound model is presented as a comparison to the baseline model in 
Figure 5.8. Whereas the baseline model exhibited non-linearity (higher-mode 
response) in only a subset of the ground motion records, the lower-bound model 
exhibits more non-linearity in the majority of the records. The difference is likely 
associated with the 30% and 36% reduction in the wall’s bending and shear stiffness 
parameters, respectively, since these parameters are directly associated with the 
dynamic behaviour of the system; the softened rocking toe and the reduced initial 
post-tensioning force, as per Table 4.5, likely also contributed to the differences 
between the two responses. 

Both the baseline and lower-bound models exhibited a relatively low mean peak 
interstorey drift response, with a maximum of 1.1% in the lower-bound model, 
compared to the NBCC limit of 2.5% for normal importance buildings (NRCC, 2010). 
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Figure 5.8: Peak interstorey drifts for the baseline and lower‐bound prototypes 

5.3.3 Storey Forces: Shear Force and Bending Moment 
Peak storey forces are shown in Figure 5.9, separated into baseline and lower-

bound model results in (a) and (b), respectively. Figure 5.9 (a) also includes the 
results of the higher mode estimation procedures presented in Chapter 3. Figure 5.9 
(b) separates the M6 and M7 events to investigate the influence of frequency content 
on higher mode responses. 
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(a) 

(b) 

Figure 5.9: Peak storey forces for (a) baseline model, including higher mode estimates from Chapter 3, 
and (b) lower‐bound model 
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higher mode vibrations in the controlled rocking heavy timber wall. One indication 
of the higher mode effects is that the mean base connection shear force (330 kN) is 
much larger than that determined by the equivalent static force procedure (18 kN) 
for the base connection design (Section 3.2). Nonetheless, the peak shear force was 
effectively captured, both at the base and over the wall height, by the dynamic and 
equivalent static force (ESF) procedures, and the cantilever beam analogy (CBA) 
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presented in Section 3.4. These higher mode estimation procedures estimated peak 
base shear demands of 335 kN, 315 kN, and 310 kN respectively. 

Another example of the higher mode response in the OpenSees NLTHA results 
is the bending moment demand: a maximum bending moment of 1,630 kN·m was 
observed at the mid-height (third storey) of the wall. This demand is more than four 
times that at the base, but was also captured by the dynamic, ESF, and CBA 
procedures which estimated third-storey bending moment demands of 1,780 kN·m, 
1,390 kN and 1,390 kN·m, respectively; this represents an overestimate of 10% in the 
dynamic procedure and an underestimate of 7% in the ESF and CBA procedures. 
Notably, a higher peak demand of 1,510 kN is estimated by the CBA at the second 
storey; this is 2% lower than the NLTHA results.  

The significant mid-height peak bending moment demand is in contrast with the 
findings from Newcombe (2011) and Sarti (2015), where only a minor increase in 
bending moment demand was observed above the base connection, prompting the 
suggestion that the design base connection moment could be used to check the 
strength capacity (Newcombe, 2011). However, Newcombe and Sarti were evaluating 
the performance of controlled rocking LVL walls designed for high seismic hazards 
of New Zealand, rather than controlled rocking CLT walls for the moderate seismic 
hazard demand of Eastern Canada. The difference, as seen in the results presented 
here, is a lower base design force, and relatively more high-frequency content, 
increasing higher mode effects. 

Finally, the mean base connection moment in the baseline model is 375 kN·m, 
whereas the design base connection moment was 250 kN·m. The mean observed roof 
drift of 0.65% from the NLTHA corresponds with an overstrength factor (Ω) of 1.60 
(see Section 3.4.1 for the  Ω calculation). If Ω is 1.60, the expected base connection 
moment is 400 kN·m, which is only 7% larger than the mean base connection 
moment. However, the dynamic and CBA higher mode estimation procedures both 
estimated a base connection moment of 450 kN·m, overestimating the mean peak 
demand by 20%. These estimation procedures are related to Ω calculated from the 
estimated peak non-linear roof displacement (Ω=1.80, as shown in Section 3.4.1), 
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and therefore the overestimate in the base connection moment is due to the 
overestimate of the peak non-linear roof displacement, discussed in Section 5.3.1. If 
Ω is recalculated for the NLTHA observation of 0.65% roof drift (i.e. if Ω=1.60), 
then both the dynamic and CBA procedures result in base connection moment 
estimates of 400 kN·m. The ESF estimate, however, is significantly different: the 
peak base connection moment estimate by the ESF procedure is 890 kN·m. This 
overestimate is explained by the discretized forces presented by Steele & Wiebe 
(2016) in Section 3.4.2. The base connection moment estimated by the ESF 
procedure should therefore not be considered in this case.  

Considering the OpenSees NLTHA results for the lower-bound model in Figure 
5.9 (b): the peak storey force envelopes are similar to those from the baseline model, 
except that the mean peak shear and bending moment demands are generally slightly 
lower than those in the baseline model. For example, the mean peak base shear is 
295 kN, 10% lower than the baseline model. Furthermore, the mean base connection 
and mid-height bending moments are 313 kN·m and 1,410 kN·m, respectively, which 
are 17% and 13% lower than the respective forces in the baseline model. Comparing 
the structural responses in the M6 and M7 events also reinforces earlier findings 
regarding ground motion frequency content: high-frequency content of the M6 events 
is a significant driver of higher mode demands, as per the generally larger strength 
demands by the M6 records. 

5.3.4 Storey Accelerations 
Storey accelerations are considered due to their significance with respect to 

acceleration-sensitive elements, such as non-structural components. Figure 5.10 
shows the peak storey accelerations of the baseline and lower-bound models, with 
the responses due to M6 and M7 events identified. A maximum allowable storey 
acceleration of 1.80 g is also indicated on the plot, based on non-structural 
component research by Rahman & Sritharan (2007, 2015) in controlled rocking 
precast concrete structures: 1.80 g represents a floor acceleration limit for a 
maximum considered earthquake (equivalent to 2% chance of exceedance in 50 years, 
as per the design in this thesis). In Figure 5.10, the mean peak storey acceleration 
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occurs at the roof level, and is similar in both the baseline and lower-bound models. 
The acceleration is 0.85 g in the baseline model and 0.83 g in the lower-bound model; 
these accelerations are less than half the 1.8 g limit. The largest acceleration 
envelopes were recorded in the M6 events, driven by the higher frequency content of 
these ground motions; this is consistent with the discussion in the previous sections. 

  
Figure 5.10: Peak storey accelerations 

5.3.5 Rocking Toe Hysteresis 
To investigate the performance of the base connection model, four rocking toe 

hysteresis records are shown in Figure 5.11, for the left and right outermost Winkler 
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and elastic-perfectly plastic behaviour of the springs for the ground motions where 
the outermost fiber yielded (at 0.165% strain). 
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the reduced initial stiffness results in a larger yield strain; therefore, the yielding 
behaviour observed in the baseline model is not observed in the lower-bound case. 

Figure 5.11: Outermost (left and right) rocking toe fiber hysteresis for baseline model 

Figure 5.12: Outermost (left and right) rocking toe fiber hysteresis for lower‐bound model 
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Figure 5.13 shows the post-tensioning (PT) hysteresis for the same four ground 

motion records presented in the rocking toe investigation. All four records show the 
PT hysteresis is within the elastic range, since the yield force is specified as 830 MPa. 
In comparison, the largest PT demand is 400 MPa. Furthermore, the largest PT 
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discussed in the design chapter, which suggested the PT element closest to the 
rocking toe will initially lose some stress as the rocking toe compresses. Finally, some 
variability is observed in the PT hystereses, especially in the M6 events. The 
variability in the PT response reflects the first mode shear and bending, in addition 
to the higher mode elastic flexure and shear response of the rocking panel; the 
backbone of the hystereses, which is more evident in the M7 events, reflects the rigid 
body rotation. 

Figure 5.13: PT hysteresis for the (a) baseline model, and (b) lower‐bound model 
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 Collapse Fragility of Controlled Rocking Walls in 
Eastern Canada 

An Incremental Dynamic Analysis (IDA) is conducted to evaluate the collapse 
fragility of a three-, six-, and nine-storey controlled rocking heavy timber structural 
design. The design of the three structures considered the moderate seismic hazard 
demand of Montreal, Quebec, in eastern Canada. All three designs are modelled in-
plane, as per the numerical modelling theory presented in Chapter 4, and the models 
are subjected to a ground motion suite scaled to a specific intensity. The intensity is 
incrementally increased, and interstorey drifts are observed as a measure of collapse. 
The resulting peak interstorey drift response provides insight regarding the 
probability of collapse of the controlled rocking heavy timber system designed 
without supplemental energy dissipation. 

6.1 Summary of Designs for Analysis 

The designs considered in the following IDA investigation include three-, six-, 
and nine-storey controlled rocking CLT walls, designed for the seismic hazard of 
Montreal, Canada, with a 2% probability of exceedance in 50 years. Each baseline 
model is also associated with a lower-bound variation according to the modifications 
presented in Section 4.2.2. Specific controlled rocking wall design details are outlined 
below, and summaries of the design are presented in Table 6.1. For the lower-bound 
variation, several parameters are modified according to Table 4.5, including a 
reduced post-tensioning force, a reduced bending and shear stiffness of the wall, and 
a reduction in the Winkler spring stiffness within 200 mm of the rocking toes. The 
nine-storey design has a smaller footprint of 24 meters square (576 m2), whereas the 
six- and nine-storey designs are 54 meters square (2,916 m2). All three buildings were 
designed with the same tributary seismic weight (per unit area) as the prototype 
presented in Chapter 3. 
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Table 6.1: Summary of designs for IDA investigation 

3‐storey  6‐storey  9‐storey 

Building Dimensions: 

54 meters (square) x 

9.9 meters (3.3 meters per 

storey) 

Building Dimensions: 

54 meters (square) x 

19.8 meters (3.3 meters per 

storey) 

Building Dimensions: 

24 meters (square) x 

29.7 meters (3.3 meters per 

storey) 

Sample layout:  

16 walls, each 2.44 m long 
Sample layout:  

12 walls, each 4.88 m long 

Sample layout:  

8 walls, each 4.88 m long 

RdRo = 18.0  Tn = 0.74 s  RdRo = 19.0  Tn = 1.04 s  RdRo = 4.0  Tn = 1.09 s 

Mcon,design (seismic, wind) 1: 

1,891 kN·m, 1,050 kN·m 

Mcon,design (seismic, wind) 1: 

5,350 kN·m, 5,170 kN·m 

Mcon,design (seismic, wind) 1: 

11,000 kN·m, 10,600 kN·m 

Peak  non‐linear  θroof  estimate 

(%): 

2.3% (<2.5%) 

Peak  non‐linear  θroof  estimate 

(%): 

1.4% (<2.5%) 

Peak  non‐linear  θroof  estimate 

(%): 

0.5% (<2.5%) 

Initial PT force per bar 2:39 kN  Initial PT force per bar 2:32 kN  Initial PT force per bar2:222 kN
1 Mcon,design for the whole building. Wall designed for Mcon,design/number of walls 
2
 PT elements and configurations within the wall are identified below 

Seismic demand on the three-storey design was determined with a force 
reduction factor (RdRo) of 18.0. This design is governed by the estimated peak non-
linear roof drift of 2.5% for normal importance buildings (NRCC, 2010); the 
estimated peak drift is 2.3% for the design presented above. The three-storey design 
uses a 2.44 m long wall with post-tensioning (PT) bars located 600 mm from both 
edges of the wall (two PT bars total). The CLT panel is 315 mm thick, including 
nine layers; and the PT elements are 26 mm in diameter. The CLT panel and PT 
elements are the same as those specified in the prototype wall designed in Chapter 
3, and studied in the previous chapters. Each PT element is post-tensioned to 39 kN, 
to resist a design seismic overturning moment of 118 kN·m/wall. 
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Seismic demand on the six- and nine-storey designs was determined with RdRo 
of 19.0 and 4.0, respectively. These factors were chosen to minimize the design 
seismic demand without reducing it below the design wind demand, determined using 
the Canadian building code (NRCC, 2010). In the nine-storey design, design-level 
wind loading governed the design of the base connection such that the seismic 
demand could not be reduced by an RdRo value larger than 4.0. The six- and nine-
storey designs also use the same 26 mm diameter PT bar and nine-layer, 315 mm 
thick CLT panel as the three-storey design; however, the six- and nine-storey designs 
use 4.88 m long walls to increase the elastic stiffness of the designs. In the 4.88 m 
walls, PT elements are located 1220 mm from each edge (two PT bars total), and 
are pre-stressed to 32 kN and 220 kN in the six- and nine-storey design respectively. 

6.2 Incremental Dynamic Analysis (IDA) 

6.2.1 Background 
IDA is performed by subjecting a structural model to a suite of ground motions, 

and increasing the ground motion intensity relative to the uniform hazard spectrum 
(UHS) level. The IDA process is outlined in the FEMA P695 report (Applied 
Technology Council, 2009) in which a full suite of ground motions is incremented 
until all the motions cause the model to collapse. The number of ground motions 
that caused collapse at each intensity increment is used to construct a collapse 
fragility curve, describing the probability that the structure will collapse if subjected 
to a certain level of ground motion relative to the UHS. Furthermore, the same 
process can provide limit state fragility curves, to determine the probability of 
meeting or exceeding other structural limits, such as peak bending moment or shear 
force demands. 

Completing a full IDA for a suite of forty-four ground motions can be time 
consuming; therefore, Baker (2015) presented and investigated an alternative to 
conducting a full IDA procedure, called Multiple Stripes Analysis (MSA). The MSA 
method minimizes the number of IDA intensity increments needed to predict fragility 
curve parameters, including the median collapse intensity (θ) and the variance (β), 
assumed to be from a log-normal distribution. To predict these fragility parameters 
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with fewer analyses, the MSA procedure uses statistical inference: Baker (2015) uses 
a likelihood-function to calculate the likelihood that an available IDA dataset, 
observed at as few as two intensity increments, fits a particular log-normal 
distribution. Then the fragility curve parameters (θ and β) are defined to maximize 
the likelihood that the observed data comes from the log-normal distribution 
described by θ and β. By this procedure, the resulting fragility curve parameters are 
known as maximum likelihood estimates of the fragility curve (Baker, 2015). 

Baker (2015) evaluated the MSA process using 45 ground motions at three 
intensity measures (135 analyses) near the mean collapse fragility, comparing the 
resulting fragility curve estimates against a full IDA process using 20 ground motions 
(227 analyses). With collapse data from just three intensity measures, MSA was 
shown to be more efficient, estimating approximately the same fragility curve 
parameters given 1,000 unique structural analysis data sets. It is important to note 
that some initial estimate of the θ parameter is required to reduce the IDA process 
to only three intensity measures. As such, a larger number of intensity levels can be 
spread over a wide range, in the practical application of MSA (Baker, 2015). 

In the following sections, collapse, bending moment, and shear force limit state 
fragility curves are estimated for the three-, six-, and nine-storey designs, using MSA. 
The limit state for collapse is 10% peak interstorey drift, and the limit-state for 
bending moment and shear is taken as unity of the respective demand-capacity 
ratios. First, the number of limit state-exceedance events at several intensity 
measures is determined. Next, the quantities of exceedance events are input to 
Baker’s (2015) maximum likelihood function, to determine θ- and β-parameters 
describing the log-normal fragility curves to which the IDA observations most likely 
belong.  

6.2.2 Preparing the IDA Procedure 
Forty-four ground motions are used from Atkinson (2009), consisting of eleven 

magnitude six and seven records, from both near and far sources. The median of the 
ground motion set is scaled to the 5%-damped UHS for Montreal, Canada (NRCC, 
2010) at the first mode period (T1) of each design; the amplification factor applied 



Master’s Thesis – M. Kovacs – McMaster University – Civil Engineering
 

119 

to scale the ground motions beyond this intensity is the intensity measure (IM). The 
three-, six-, and nine-storey designs have periods of 0.74 s, 1.04 s, and 1.09 s, 
corresponding with scaling factors of 1.430, 1.315, and 1.450, respectively, for the 
UHS-level (IM=1). The three scaled ground motion sets are similar, and the UHS-
level scaled spectra for the three-storey design is shown in Figure 6.1. Next, each 
scaled ground motion is scaled again, for a series of incremental dynamic analyses: 
Baker notes that MSA is not sensitive to the selection of IM’s, and that the maximum 
likelihood estimate of collapse fragility parameters can benefit from more levels. 
Therefore, the ground motions are scaled from 50% (IM=0.5) to 700% (IM=7) of 
the UHS-level at 50% increments, and a NLTHA is conducted at each increment. 

To account for various failure modes of the wall, several modifications are made 
to the model and to the analysis settings. To account for collapse of the model, peak 
interstorey drift is observed at each iteration of the analysis, and if it exceeds 10%, 
the analysis concludes. Also, to account for failure of the timber in the base 
connection, and because Newcombe’s (2011) empirical Winkler spring relationship is 
only applicable up to twice the yield strain, the Winkler springs are limited to two 
times the yield strain in compression. Once this limit is reached, the spring is 
removed from the model. Furthermore, the PT bars are specified for up to 9% strain 
before fracture (DSI, 2015); however, large PT strains are likely to result in 
significant forces under the PT anchorage, crushing the timber and creating 
significant inelasticity in the overall PT response. Therefore, the PT elements are 
removed from the model if their tensile strain exceeds 2%. Further research is 
required to effectively model the PT response at large drifts, so the 2% limit is 
considered to be conservative for this collapse fragility investigation. Finally, a spring 
was included at the base of the PT elements to only allow tensile resistance. 
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Figure 6.1: Scaled ground motions for IDA of the three storey design 

6.2.3 Investigating Collapse 
Several representative time-history records are presented in Figure 6.2 to 

investigate the concept of gravity system collapse in the IDA. The records include 
one each from the baseline and lower-bound variations of the three designs, showing 
the roof drift at the largest non-collapsed record, and at the subsequent IM that 
caused collapse. The roof drift time-histories in Figure 6.2 show similar behaviour 
before diverging when the roof drift is near a peak, at which point the roof drift 
increases rapidly in the failing record, ending the analysis due to an observed 
interstorey drift of 10% in one of the storeys, or due to non-convergence.  

Collapse of the gravity system occurs when a large rocking motion causes several 
Winkler springs to fail. After several Winkler springs reach their maximum limit of 
twice the yield strain and their response is removed from the model, the rest of the 
springs can follow in succession, creating a rapid collapse mechanism. Furthermore, 
as Winkler springs are removed from the model, the re-adjustment of stresses in the 
rocking toe can cause a zipper effect of failing springs which is computationally 
difficult to analyze when the structural motion is still imposing larger drifts or 
increasing the forces in the rocking toe. These analyses required a reduced time-step 
of 0.0005 s (compared to 0.002 s for the other analyses), and a higher resolution of 
Winkler springs to achieve convergence in the analysis up to the time in the 
respective plots. This increased the analysis time by more than ten times that 
required for the preceding intensity, and sometimes this was still not able to converge 
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up to 10% drift; but the representative roof drift time-histories shown in Figure 6.2 
demonstrate that non-convergence occurs as these models are collapsing. This issue 
was observed in several records, for all designs; however, it was most significant in 
the six- and nine-storey models because a given base rotation in the 4.88 m long 
walls requires a larger strain in the rocking toe.  

Figure 6.2: Roof drift time‐histories from near‐failing and failing records 

6.2.4 IDA Results and Multiple Stripes Analysis (MSA) 
The left side of Figure 6.3 shows the peak interstorey drift results from the IDA, 

for the baseline and lower-bound three-, six-, and nine-storey models. The IDA 
results are processed by MSA: the cumulative number of collapsed models at each 
IM are shown in the histogram in the middle of Figure 6.3, and the count is input 
to a likelihood function that is subsequently maximized according to Baker (2015), 
resulting in the collapse fragility curves presented on the right side of Figure 6.3. 
The collapse fragility curves are defined by θ and the record-to-record variability 
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(βRTR) parameters identified on each plot. θ is also summarized in Table 6.2, along 
with the total variability parameter, β, for all three models. β is a function of the 
βRTR term defined by the IDA results. However, β accounts for several additional 
uncertainty terms, as suggested by the FEMA P695 performance evaluation 

procedure (Applied Technology Council, 2009), including design requirements (βDR), 

modelling (βMDL), and the test data (βTD); these terms are combined using Equation 

5.1, where the additional uncertainty terms are taken as 0.5, since this is the most 
conservative value suggested by the FEMA P695 (Applied Technology Council, 
2009). Table 6.2 also includes the probability of collapse at the UHS-level (IM=1) 
which corresponds with the Maximum Considered Earthquake (MCE) in the 
Canadian building code. The results generally estimate less than 10% probability of 
collapse in both the baseline and lower-bound three-, six-, and nine-storey models, 
with the exception of the baseline three-storey model, which has an 11.7% probability 
of collapse due to an MCE event. 10% is the suggested maximum limit by FEMA 
P695 (Applied Technology Council, 2009). 

ߚ ൌ ටߚோ்ோ
ଶ ൅ ஽ோߚ

ଶ ൅ ெ஽௅ߚ
ଶ ൅ ஽்ߚ

ଶ  Equation 6.1

Relatively lower probabilities of collapse are observed in the lower-bound IDA 
results, compared to the baseline in each design. This is because the larger Winkler 
spring stiffness in the baseline models, compared to the lower-bound models, results 
in a lower yield strain, as shown in Figure 6.4 (a). The lower yield strain means a 
lower failure strain (εfailure, equal to twice the yield strain) causes the spring to be 
removed from the model. In comparison, the rocking toe springs in the lower-bound 
model are not removed until a larger strain, and therefore a larger rigid body rocking 
motion can occur before the extreme Winkler spring is removed, as shown in Figure 
6.4 (b). The result is a relatively larger drift in the lower-bound IDA results, before 
the model losses its lateral stability due to the removal of Winkler springs. 
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Figure 6.3: IDA results and collapse fragility curves for (a) three‐ (b) six‐, and (c) nine‐storey designs 
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(a) (b) 

Figure 6.4: (a) Baseline and (b) lower‐bound Winkler spring removal limits based on strain 

Table 6.2: Fragility curve parameters and probabilities of collapse due to MCE‐level event 

  3‐storey  6‐storey  9‐storey 

  θ  β  P1(%)  θ  β  P1(%)  θ  β  P1(%)

Baseline  5.21 1.4  11.7  7.51 1.5  9.6  9.64  1.7  9.2 

Lower‐bound  8.48 1.6  9.7  9.84 1.5  6.7  9.90  1.4  5.6 
1 Probability of collapse due to MCE‐event 

The performance evaluation procedure in FEMA P695 suggests applying a 
spectral shape factor (SSF) to account for a conservative bias introduced by the 
spectral shape of the ground motion suite (Applied Technology Council, 2009). The 
SSF increases θ, thereby reducing the probability of collapse at the MCE-level, as 
shown in Figure 6.5. SSFs have been presented for the FEMA P695 ground motion 
suites, but have not been determined for the ground motion suites applied in this 
study, so no SSFs have been applied to the fragility curve results in this study. 

Figure 6.5: Increased probability of collapse due to consideration of spectral shape factor (SSF) 

Recall that the definition of collapse in this fragility assessment is related to 
excessive roof drift of the gravity system. Limit states such as bending moment and 
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these failure modes in the model, and this is discussed further in Section 6.3 and 
Chapter 7. However, to investigate the existing model, the IDA results in Figure 6.6 
and Figure 6.7 consider the peak shear and bending moment demand-capacity ratios, 
respectively. A limit state exceedance event occurs if demand equals or exceeds shear 
or bending moment capacity of the CLT panel, as determined in Section 3.4.4; the 
capacity of the three designs is summarized in Table 6.3. The resulting fragility 
curves are presented alongside the IDA results, including the estimated fragility 
curve parameters from MSA. 

Table 6.3: Shear and bending moment capacities 

  Vcap  Mcap 

3‐Storey 960 kN  5,900 kN·m 

6‐Storey 1,920 kN 23,700 kN·m

9‐Storey 1,920 kN 23,700 kN·m

Figure 6.6 and Figure 6.7 show that at the UHS-level intensity (IM=1), very 
few shear capacity exceedance-events were observed and no bending moment 
exceedance-events were observed in the three designs. However, the number of 
exceedance-events accumulates quickly compared to the interstorey drift exceedance-
events (collapse) in Figure 6.3. This results in lower θ and β parameters for the 
fragility curves, and lower probabilities of exceedance at the MCE-level for the shear 
and bending moment demand-capacity limit state, as shown in Table 6.4, compared 
to the collapse limit states (see Table 6.2); Figure 6.8 includes the collapse and both 
the demand-capacity limit state fragility curves, overlaid for a graphic comparison. 

Table 6.4: Shear and bending moment demand‐capacity curve parameters 

 

  3‐storey  6‐storey  9‐storey 

  θ  βRTR  P1(%) θ  βRTR  P1(%)  θ  βRTR  P1(%)

Shear 
Baseline  3.87  0.71  2.8  3.13  0.64  3.8  5.16  0.76  1.5 

Lower‐bound  4.44  0.74  2.2  3.73  0.68  2.5  6.33  0.69  0.4 

Bending 

Moment 

Baseline  5.39  0.85  2.3  5.27  0.72  1.0  7.18  0.96  2.0 

Lower‐bound  6.62  0.91  1.9  7.09  0.86  1.1  8.37  0.85  0.6 
1 Probability of collapse due to MCE‐event 
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Figure 6.6: Peak shear demand‐capacity and fragility curves for (a) three‐ (b) six‐, and (c) nine‐storey 
designs 
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Figure 6.7: Peak bending moment demand‐capacity and fragility curves for (a) three‐ (b) six‐, and (c) 
nine‐storey designs 
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Figure 6.8: Comparison of limit state fragility curves estimated by MSA 

6.3 Effects of the Model Limitations 

The PT elements are modeled with the Steel02 material in OpenSees, as per 
Sarti (2015). Sarti selected Steel02 material parameters according to the modulus of 
elasticity, yield strength, curvature factor, and post-yield stiffness specified by a PT 
bar manufacturer. This material model was applied in the earlier investigation and 
verification of the baseline controlled rocking wall numerical model in Chapter 4, 
where the PT forces were not as large as in the IDA, and the PT was not yielding. 
In Section 4.2.2, a lower-bound model was proposed to capture some minor timber 
crushing under the PT anchorage from the available experimental data; the stress-
strain relationships for the baseline and lower-bound PT models are shown in Figure 
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compressive yield strain. This issue results in a lower-bound estimate of the 
controlled rocking wall collapse fragility estimate, since the sudden loss of base 
connection strength is unlikely to occur in practice: experimental observations by 
Ganey (2015) observed very little loss of CLT strength at roof drifts of 5%, and in 
most cases, up to 7.5%. 

Finally, the controlled rocking wall’s shear and bending moment failures are not 
reflected in the model’s behaviour. However, as shown in Figure 6.8, the exceedance 
of shear force and bending moment capacities is a probable occurrence at larger 
intensities. Although the exceedance of shear and bending moment capacity is not 
expected to cause immediate collapse, the response of the model beyond this 
exceedance event is not reflected in the non-linear time-history analysis. This could 
affect the collapse IDA results, since the model’s response is likely to be different 
after exceeding either of these limit states. This is discussed in Chapter 7 as an 
opportunity for future research. 
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 Conclusions & Future Research 

This chapter reviews the conclusions drawn from the previous chapters, and 
discusses opportunities for future research. Many of these opportunities were also 
highlighted in the previous chapters, but additional insight is provided here. 

7.1 Summary 

This thesis proposed and investigated controlled rocking heavy timber walls for 
application in low-to-moderate seismic hazard regions. Controlled rocking heavy 
timber walls were presented as a resilient structural alternative that is already in use 
in high seismic hazard regions; it was suggested that the system could be more 
suitable for low-to-moderate seismic hazard regions by adapting it to use local timber 
products, and by designing them without supplemental energy dissipation, to 
minimize design and construction costs and challenges. Furthermore, the proposed 
walls use cross-laminated timber (CLT) panels instead of the laminated-veneer 
lumber (LVL) products used in existing studies and commercial applications because 
the Canadian government has cited CLT as a significant economic and 
environmental opportunity for Canada and the United States. 

First, existing analysis and design procedures were investigated, considering 
controlled rocking LVL and controlled rocking steel braced frame research. These 
procedures were critically evaluated and adapted for controlled rocking CLT walls. 
Furthermore, the results from Zhang (2015), regarding the behaviour of self-centering 
single-degree of freedom (SDOF) systems, were incorporated into the design and 
analysis of controlled rocking CLT walls; Zhang’s research  suggested that a wall 
could be designed without energy dissipation, and with a relatively large force 
reduction factor, whiles still controlling the peak displacement demand. Next, three 
higher mode estimation procedures were investigated and applied to the controlled 
rocking heavy timber system. Using the design, analysis, and higher mode estimation 
procedures, a six-storey prototype controlled rocking CLT structure was designed 
and analyzed for the moderate seismic hazard of Ottawa, Ontario, as an example.  



Master’s Thesis – M. Kovacs – McMaster University – Civil Engineering
 

131 

A baseline numerical model of the controlled rocking wall was presented and 
validated using experimental data from Sarti (2015). A lower-bound variation of the 
numerical model was also calibrated, considering timber damage and other 
behavioural observations from Sarti’s experimental program. After validating the 
baseline and lower-bound models, the Ottawa prototype was modelled and 
investigated using non-linear time-history analyses, also considering a lower-bound 
variation of the prototype. The analysis results include general system performance 
and an investigation of higher mode effects.  

Finally, three additional designs, including three-, six-, and nine-storey buildings, 
were presented for the moderate seismic hazard of Montreal, Canada, and modeled 
numerically. The models were subjected to an incremental dynamic analysis (IDA) 
procedure to investigate the limit state fragility of the controlled rocking CLT wall 
designed without energy dissipation. The limit states considered include collapse of 
the gravity system, and both shear and bending moment capacity. 

7.2 Conclusions 

The design and analysis procedures, and the numerical model presented in this 
thesis rely on a controlled rocking wall base connection model called the Winkler 
Spring Analogy (WSA) presented by Newcombe (2011). The WSA model was 
selected because Newcombe (2015) found that it was the most capable of predicting 
crushing at the base of a controlled rocking heavy timber wall panel, and because 
CLT has lower strength and stiffness than the LVL products used in past controlled 
rocking heavy timber research. By applying the WSA in the prototype controlled 
rocking CLT design and analysis example, the quasi-static and dynamic response of 
a representative numerical model was found to closely match the predicted base 
connection performance and overall controlled rocking wall behaviour. 

The design and analysis procedures also considered several unique features. For 
example, widely-spaced post-tensioning (PT) elements were specified in order to 
minimize the concentration of PT forces at the top of the timber panel; this resulted 
in a relatively significant concentrated moment at the top of the controlled rocking 
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wall, which was incorporated into the analysis procedure. Furthermore, because the 
design process is based on a force-based design methodology, controlled rocking 
behavioural research is cited in order to estimate the peak non-linear system 
displacement based on the amount of energy dissipation, the natural period of the 
system, and a relatively large force reduction factor. Adding this step in the design 
process allows the design forces, including the initial PT force and base connection 
moment, to be minimized while controlling the peak displacement response to within 
building code limits. By considering widely-spaced PT elements, and by estimating 
the displacement response without energy dissipation and with a relatively large 
force reduction factor, the cost and complexity of the controlled rocking heavy timber 
wall design and construction process is reduced.  

The six storey prototype, designed for the moderate seismic hazard region of 
Ottawa, Canada, required twenty-four controlled rocking CLT walls, each 2.44 m 
long, allowing for a relatively open floor-plan. Supplemental energy dissipation 
elements were omitted, and a force reduction factor of 8.0 was used. The estimated 
peak roof displacement was 0.83% drift, and the three higher mode estimation 
procedures produced relatively consistent shear demand-capacity ratios between 32% 
and 35%, and bending moment demand-capacity ratios between 24% and 36%. 

The OpenSees numerical model, compared with Sarti’s (2015) experimental 
results, provided insight regarding the numerical modelling of a controlled rocking 
wall. Using the WSA, the numerical model closely reflected Sarti’s experimental 
results without the calibration to experimental data that is required for the MBA. 
Furthermore, a lower-bound variation was able to bracket the experimental and 
baseline numerical model responses, using modifications that are explained by 
variations in timber material properties, and by observations in the experimental 
program described by Sarti (2015), such as lateral slip in the timber panel, and 
rocking toe damage due to repeated testing. This investigation verified the Winkler 
spring model for application in future controlled rocking CLT studies. 

Baseline and lower-bound models of the prototype design were subjected to a 
suite of ground motions representing a 2% chance of exceedance in fifty years, and 
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the models’ performance was compared to the design and analysis results. 
Considering the baseline model, the mean peak non-linear roof drift (0.65%) is 22% 
lower than estimated in the design procedure (0.83%). It was suggested that the 
result may be attributed to the design equations from Zhang (2015), which were 
calibrated for non-zero energy dissipation and for ground motions with more low-
frequency content than is expected in Eastern North America; this is discussed 
further in Section 7.3, for future research needs. The lower-bound model showed a 
negligible difference in peak drifts. 

 The baseline and lower-bound models also exhibited significant higher mode 
effects, causing large peak force demands over the height of the wall. The peak 
demands were found to be significantly larger at the mid-height of the wall than at 
the base, contrasting with less substantial differences found by Sarti (2015) and 
Newcombe (Newcombe, 2011). The contrast is partially attributed to the relatively 
significant high-frequency content of Eastern Canadian ground motions, which 
strongly influence the higher mode effect. It is also partially attributed to the lower 
bending and shear stiffness properties of CLT, compared to LVL, which affects the 
dynamic behaviour of the controlled rocking wall. Nonetheless, the higher mode 
estimation procedures generally agree with the mean peak shear and bending 
moment demands over the height of the prototype wall: the largest difference 
between the mean NLTHA response and the higher mode estimation procedures in 
the peak shear and bending moment estimates is -7% and 10%, respectively. Also, 
the higher mode effects in the lower-bound variation are 10-20% lower than those in 
the baseline model. 

The maximum mean peak storey acceleration was 0.85 g in the baseline model, 
and 0.83 g in the lower-bound model. This is relatively low, compared to 
recommendations for considering non-structural elements (Rahman & Sritharan, 
2007). 

IDA studies on a three-, six-, and nine-storey design demonstrated several limit 
state fragilities for the controlled rocking heavy timber wall. The resulting collapse 
fragility curves demonstrate between five and twelve percent probability of collapse 
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due to excessive interstorey drifts at the MCE-level intensity. Furthermore, the 
resulting bending moment and shear limit state fragility curves suggest an even lower 
probability of exceeding their respective capacities at the MCE-level. However, the 
probability of exceedance rapidly overtakes the probability of collapse beyond the 
MCE-level. This motivates future research regarding these failure modes in 
controlled rocking CLT panels, as discussed in Section 7.3. 

7.3 Future Research 

Estimating the Initial Period of the Structure 

Sarti (2015) showed that initial period estimates in existing building code 
standards are insufficient for the controlled rocking heavy timber walls. The Rayleigh 
method was presented as the most appropriate means of checking an initial estimate; 
but according to the force-based design process in Chapter 3, an initial period 
estimate is still needed for an initial controlled rocking wall design, so a method 
(similar to the existing building code expressions) should be investigated.  

Considering the natural period of an initial design, Sarti presented a modified 
Rayleigh method, suggesting that the controlled rocking heavy timber wall design 
should be based on the yield-secant stiffness. However, it has not been verified that 
the yield-secant stiffness is the most appropriate for design. Furthermore, Sarti’s 
Rayleigh method modifier is specific to the Monolithic Beam Analogy (MBA), 
because it is a function of base connection stiffness factors in numerical modeling, 
such as the timber elastic modulus and the calibration parameters (see the final step 
of the design process, Chapter 3). Sarti’s modifier increased the natural period by 
40%, whereas the modifier presented for the Winkler Spring Analogy (WSA) only 
required an increase of 12%. Therefore, the modified Rayleigh method should be 
investigated further to improve the design process. 

Estimating Post‐Tension (PT) Losses and Understanding PT Behaviour in CLT 

Long-term PT behaviour studies have been motivated by controlled rocking LVL 
research (Davies & Fragiacomo, 2011; Fragiacomo et al., 2011; Yeoh et al., 2012). 
The same long-term behaviour studies are required with CLT, because of the unique 
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material properties and dimensional composition of CLT, and the variety of timber 
species that can be used to produce CLT. Furthermore, the long-term stresses in 
controlled rocking walls presented in this thesis are significantly lower than in the 
New Zealand research and commercial applications (Devereux et al., 2011; Opus 
International Consultants, 2014; Palermo et al., 2012). Therefore, research is required 
to quantify the long-term PT losses in these designs for low-to-moderate seismicity. 

Modeling the CLT Base Connection with Winkler Springs 

Newcombe found that the wall length to neutral axis depth relationship was the 
most significant factor in the definition of the Winkler spring stiffness for the WSA 
describing the controlled rocking heavy timber base connection. However, the 
orthotropic properties of the timber panel (which are different in CLT and LVL) 
also had a small effect on the base connection stiffness (Newcombe, 2011). 
Furthermore, Newcombe’s testing and definition of the effective Winkler spring 
length relied on finite element models for LVL; physical CLT panel testing was not 
conducted. Therefore, the Winkler spring’s effective stiffness, and its application to 
CLT panels, should be evaluated. Both finite element models and physical testing 
should be considered, to understand how the WSA applies to the unique composition 
of CLT, and if any modification is required for a better fit to CLT performance.  

The in-plane compression behaviour of CLT should also be studied, so that a 
base connection material model can better reflect the behaviour of CLT in 
compression. It is expected that this would improve both the accuracy and the 
numerical stability of the incremental dynamic analyses, and also allow for further 
evaluation of the controlled rocking heavy timber performance by capturing the state 
of damage in the base connection. 

Scaling Effects on Experimental Controlled Rocking Wall Performance 

In Chapter 4, two scaling effects were identified in the experimental model 
presented by Sarti (2015), which were not matched by the numerical model presented 
in the same chapter. First, Sarti spaces two PT elements within the centre 20% of 
the wall length, resulting in especially concentrated forces due to the reduced scale 
of the experimental specimen. These concentrated forces increase the potential for 
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local timber damage, which could be significant in future research testing since full-
scale rocking walls with wider-spaced PT elements will not experience the same 
concentration of PT forces, and will therefore exhibit different timber crushing 
behaviour. This can be accounted for by testing a wider spaced PT configuration, to 
minimize the influence of crushing under the PT anchorage, or incorporating the 
crushing effect into future numerical modeling. Also, Sarti’s PT was embedded in 
the foundation for a length equal to 25% of the wall height, whereas the numerical 
model considered the PT anchored at the wall base. This difference was identified as 
geometric incompatibility that could affect the numerical model comparison to the 
experimental data. This scaling effect should be considered in future modeling and 
testing research by either considering the PT embedment in design of a test 
specimen, or testing a full scale specimen. 

Displacement Estimates According to Self‐Centering SDOF Theory 

Self-centering SDOF research by Zhang (2015) supports the design of controlled 
rocking heavy timber walls with relatively large force-reduction factors by 
characterizing the system response (i.e. peak displacement) as a function of various 
design parameters. This allows the designer to estimate the peak roof displacement 
given an initial controlled rocking heavy timber wall design. Zhang’s regression 
equations for characterizing the system response were developed using a set of 
relatively low-frequency ground motions from California, as opposed to the Eastern 
Canadian ground motions used in this thesis, and Zhang’s equations were 
conservative for self-centering systems without supplemental energy dissipation (i.e. 
β=0) and these are likely the reasons why the peak displacement was overestimated 
for the prototype studied in this thesis. Therefore, Zhang’s regression equations 
should also be developed for high-frequency seismic hazards, and for non-dissipative 
systems, to improve the displacement estimation step of the design procedure. 

Consideration of Controlled Rocking Heavy Timber Archetypes 

Chapter 3 identified the potential for significant variations in the seismic weight 
of heavy timber structures, due to the relatively low weight of timber compared to 
other structural and non-structural components. This variation was identified 
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through a review of previous heavy timber structural research which considered 
significantly different seismic masses in their sample designs: using mass density as 
a measure, the lightest model was an open-concept controlled rocking heavy timber 
design with a density of 0.15 kN/m3, whereas the heaviest design considered more 
internal CLT walls and a heavy floor, resulting in a density of 1.18 kN/m3. Therefore, 
as per FEMA P695 (Applied Technology Council, 2009), it is especially important 
to consider high and low gravity design variations in order to draw general 
conclusions about controlled rocking heavy timber performance in future research. 

Higher Mode Mitigation 

Sarti (2015) and Ganey (2015), have suggested the development of higher mode 
mitigation techniques to address capacity design for higher mode effects observed in 
mid-rise controlled rocking heavy timber models. In particular, Sarti and Ganey cited 
Wiebe (2013), suggesting multiple rocking sections to limit the higher mode effects. 
However, the performance results of the controlled rocking walls in this study suggest 
that higher mode mitigation techniques may not be necessary because the shear and 
bending moment demands were relatively low in three different archetypes. Further 
incremental dynamic studies with different archetypes, according to FEMA P695 
recommendations, could help to explore the need for higher mode mitigation 
techniques. Nonetheless, the research presented in this thesis supports the 
application of higher mode mitigation techniques, like multiple rocking sections, 
through the investigation of three capacity design methods to improve the estimation 
of higher mode force demands over the height of the controlled rocking wall. 
Therefore, future higher mode mitigation research can more effectively consider the 
performance of multiple rocking sections in controlled rocking heavy timber walls. 
Further research will also have to address the connectivity of multiple rocking 
sections, as the relatively soft timber connections may behave differently than the 
steel frames with multiple rocking joints that were investigated by Wiebe (2013). 

Bending Moment and Shear: Capacity and Failure Modes 

Section 3.4.4 demonstrated the bending moment and shear capacity calculation; 
however, this section also highlighted the uncertainty associated with these capacity 
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terms, especially for large scale specimens like the nine-layer CLT panel. 
Furthermore, the IDA investigation in Chapter 6 highlighted the potential for 
bending moment or shear failure to occur at relatively large ground motion intensities 
compared to the MCE-level, which could affect the collapse assessment of the 
controlled rocking system since the bending moment and shear failure modes are not 
captured by the model. Although the shear and bending moment failures are not 
expected to cause immediate collapse of the system, it is important to model the 
bending moment and shear capacity failures for a better understanding of the 
controlled rocking heavy timber fragility analysis. Future research should be 
conducted to capture the shear and bending moment failure modes with the 
numerical model. 

System Damping Contributions 

In the numerical model analyses presented in this thesis, only Rayleigh damping 
was used to damp the system response. However, the Rayleigh damping model and 
the assumption of 5% critical damping applied to the first and third modes has not 
been studied for controlled rocking CLT walls. This damping assumption should be 
studied further using experimental studies, considering the controlled rocking wall 
panel on its own, and also considering an entire controlled rocking structure, 
complete with non-structural elements. It may be necessary to change the damping 
model entirely, or to use a different level of critical damping, in future controlled 
rocking heavy timber wall studies. Furthermore, the base connection impact was 
identified as another possible source of damping: Marriott (2009) suggested 
disregarding impact damping when hysteretic (supplemental) energy dissipation was 
included in a controlled rocking system, because the latter was significantly larger, 
but supplemental energy dissipation is omitted in the proposed controlled rocking 
heavy timber wall for regions of low-to-moderate seismicity. The nature of impact 
damping in a controlled rocking wall with a soft base connection, as opposed to a 
stiff base connection (for example, as in precast concrete), should be evaluated 
further. Including this damping term could help to reduce the system response, as 
additional energy will be dissipated as the system rocks. 
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